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The cyclic behavior of caisson breakwater on sand and the failure mechanism giving
rise to it have been studied in this thesis by both physical and analytical modeling ap-
proaches. In the former approach, by means of an in-ight wave actuator system, cen-
trifuge model tests on caisson breakwater subjected to regular, reversal or non-reversal
wave loadings were conducted on the National University of Singapore Geotechnical
Centrifuge, simulating caisson inlling and wave loading stages. In the latter approach,
lump-mass-spring model was used to simulate the oscillatory caisson displacements.
An analytical model was also developed to simulate the permanent caisson tilt based
on partial optimization of a circular slip surface. The validity of the two models is
evaluated against centrifuge test results.
Results of centrifuge tests suggest that caisson response appears to be sensitive to
irregularities in regular, non-reversal wave loading. In this study, two types of irregu-
larities were observed. The rst is a wave spike, which has a peak load that is much
higher than the designed wave cycles. The second is a suction wave, that is, a wave
cycle which has a small amount of reversal loading. The effects of these irregularities
were observed to be much more signicant than the effects of sand bed relative density
(RD). Excess pore pressures are generally small and appear insignicant. The results of
parametric studies conducted to examine the effects of RD of sand bed, caisson width,
xcaisson weight, presence of rock berm, slamming on top slab of caisson and cyclic
preloading on the behavior of caisson breakwater are also presented in the thesis.
When a caisson breakwater is subjected to regular, reversal wave loads, positive
pore pressure are generated which softens the sand bed and hence reduces the shear
strength of the soil. RD of sand bed is the key factor that inuences the movement
of caisson breakwater and the pore pressure build-up. Although strong wave loading
may be detrimental to foundations with partial liquefaction occurring in a loose sand,
the likelihood of failure is greatly diminished with increasing RD of sand bed. The
two different mechanisms associated with wave spikes and reversal wave loading have
to be addressed differently in design. For the case of reversal wave loading, the results
suggest that densication of sand bed is a possible solution. On the other hand, dynamic
analysis may well be viable to tackle the wave spike events.
The results of dynamic analysis showed a reasonably good agreement between the
magnitudes of computed and measured oscillatory and permanent tilting displacements
of the caisson, but the phase angle does not match well. In wave spike events, excee-
dence of shear resistance is found to be the mechanism causing the observed permanent
deformation. Moreover, by appropriately normalizing the parameters from a wide range
of soil properties, foreshore geometry, wave and structure parameters, the tilt angle for
one wave cycle are summarized in chart form and bounded into a certain range. The
charts may be used for predictive purposes.
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Introduction
1.1 Caisson Breakwater: A Harbor Protection Struc-
ture
Breakwaters and related marine structures are primarily built to provide protection
against wave effects on ship moorings, maneuvering areas, port facilities and adjoining
areas of land. Other functions of breakwaters include reducing the amount of dredg-
ing required at the harbor entrance and shielding currents at the entrance channel or
along a coast. Harbor breakwaters and related marine structures can be divided into
two different categories:
² Rubble mound structures with permeable and rough side slopes
² Caisson type structures which are impermeable with vertical or very steep faces
as shown in Fig. 1.1.
A caisson breakwater is a box-type structure that sinks through water to the prescribed
depth to protect the coast line from wave attack. It is frequently employed for harbor
protection around the world because of its relatively low construction cost and short
installation time when compared with rubble mounds (Takahashi, 1996). The construc-
tion of a typical caisson breakwater involves the following activities:
Chapter 1. Introduction 2
(1) Dredging, formation and densication of sand key foundation,
(2) Floating, towing and aligning the caisson to form a row,
(3) Inlling the caisson breakwater with sand.
1.2 Potential Problems Caused byWave Loading on Cais-
son
Oumeraci (1994a) reviewed 17 failure cases of vertical breakwaters in deep waters in
Europe, Asia, Africa and South America. He established that large wave impacts could
generate severe loads to induce the failure of the breakwater-foundation system. The
major reasons for failure include the exceedance of design wave conditions, breaking
waves, wave overtopping, weakness of concrete, seabed scour and erosion, erosion of
rubble mound foundation and differential settlement (Fig. 1.2). As shown in Fig. 1.3,
the foundation is checked for stability against sliding, overturning, settlement followed
by slip failure and tilting. In the past several decades, the stability of caisson breakwater
has been investigated (e.g. Takahashi, 1996; de Groot et al., 1999; Oumeraci et al.,
2001) and issues related to bearing capacity and overturning have been examined by
Terashi and Kitazume (1987), Kobayashi (1987a), Sekiguchi and Ohmaki (1992) and
Sekiguchi and Kobayashi (1994) among others. In addition, local failure modes also
need to be thoroughly examined such as erosion, punching failure and seabed scour at
seaward and shoreward edges as illustrated in Fig. 1.3. The present study will focus
primarily on the overall stability of the structure-foundation system in deep water, with
the wave impact force in the consideration.
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1.3 Necessity of Dynamic Analysis
The stability of caisson breakwater foundation is usually analyzed as a pseudo-static
problem, which considers the dynamic effects as a static overload and neglects the
cyclic loading effects. Such analysis is not applicable if the magnitude of breaking wave
force is large. Existing studies and case histories revealed that most of the collapses of
caisson breakwater were caused by the impulsive loads due to breaking waves (e.g.
Hitachi, 1994 and Takahashi et al., 1994a). The wave-generated loads with a short
rising time are generally called impact loads. The response of a structure to such load
depends on the resonance-frequencies of the structure and the variation of load with
time. The energy imposed on the structure caused by impact loads are much larger than
that by regular waves. Hence the caisson movements, soil movement and excess pore
water pressure build-up of the foundation soil are more severe. Therefore, the stability
of caisson breakwaters exposed to wave impacts is a dynamic and multi-disciplinary
problem requiring consideration of soil, structure and uid dynamics.
With the rapid increase in sea cargo trafc and draught of large vessels, caisson
breakwaters are likely located in deep open seas with unprotected boundaries and water
depth as deep as -35 mCD. Catastrophic failures of vertical seafront structures in deep
open seas had occurred in many parts of the world. The impulsive wave loads are trans-
ferred to the foundation soil through swaying and rocking of the structure (Oumeraci,
1994a). Nowadays, more attention is being paid to the conguration of caisson break-
water and its potential damage induced by impulsive wave loads.
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1.4 Scope and Outline of Thesis
The present study aims to examine the performance of caisson breakwaters on sand
beds subjected to impulsive breaking wave loads with sea bed at -20 mCD by means
of physical and analytical modelings. The physical modelling was carried out on the
National University of Singapore (NUS) Geotechnical Centrifuge using 1=100th scaled
model caisson. The behavior of caisson breakwater were studied under regular, non-
reversal as well as reversal wave loading. An in-ight wave simulator with high excita-
tion frequency using servo-controlled electric actuator has been developed. To ensure
the consistency between dynamic and consolidation time scaling, centrifuge model tests
on saturated sands were conducted using viscous silicone oil as model pore uid. On
the other hand, a simple analytical model was developed to back-analyze the eld re-
sults published in the literature review and tilting behavior of caisson breakwater in the
present centrifuge model study. Moreover, the tilt angle per wave cycle were summa-
rized into parametric studies for predictive purposes.
The following section briey describes the contents of each chapter that follows:
² Chapter 2 presents a review of work done by other researchers on the stability of
caisson breakwaters subject to breaking wave loads covering 1g model studies,
centrifuge model studies, numerical and analytical studies.
² Chapter 3 introduces the details of centrifuge modeling, covering principles of
scaling laws, wave actuator apparatus, data acquisition and servo-control systems,
experimental set-up and test procedures.
² Chapter 4 covers the interpretation of experimental data of caisson performance
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in regular, non-reversal wave loading tests.
² Chapter 5 presents and discusses a series of centrifuge test results of caisson
breakwater subject to regular reversal wave loading.
² Chapter 6 covers the development of an analytical model for the oscillatory and
permanent tilt displacements of caisson breakwater exposed to wave storms. Some
parametric studies are also carried out.
² Chapter 7 summarizes the main ndings of the present study and discusses de-
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A fairly large number of severe and catastrophic failures of caisson breakwater had
taken place in the 1930s. In view of huge reconstruction costs, the vertical type of
breakwater was almost abandoned in favor of the rubble mound type breakwater. Af-
ter a series of catastrophic failures experienced by large rubble mound breakwaters at
the end of 1970s and the beginning of 1980s, a number of actions were taken to re-
vive the use of vertical breakwaters and the development of new breakwater concepts
(Oumeraci, 1991). Furthermore, in order to suit the increasing draught of large vessels,
breakwaters were increasingly founded in deeper water, thus making the cost of such
structures more prohibitive. In this respect, a type of structure is needed which repre-
sents a better alternative not only in terms of technical performance and total cost, but
also in terms of standardization, quality control, environmental aspects, construction
time and maintenance.
Existing studies of caisson breakwater cover case histories, failure modes, founda-
tion aspects, structure aspects and probabilistic design tools. Since early 1970s, there
had been an increased interest in the soil-structure-foundation interaction and dynamic
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behavior of caisson breakwater due to wave loads. The studies can be broadly divided
into three categories:
(1) 1g model studies,
(2) Centrifuge model studies, and
(3) Analytical and numerical studies.
2.2 1g Model Studies
2.2.1 Yamamoto et al. (1981)
The head of the west breakwater in the Himekawa Harbour was damaged by big wave
storms in 1978. Previously design waves in Himekawa Harbour were estimated by
numerical modication of regular waves. Yamamoto et al. (1981) considered that the
breakwater had been damaged because waves larger than the design waves struck the
breakwater. The design waves were subsequently estimated by random wave tests as
shown in Fig. 2.1. The model scale was xed at 1/120 after consideration of the wave
generator performance, wave height, and the size of wave basin. The results showed that
the wave-height distribution along the west breakwater was different from that obtained
by the regular wave computation and that, as the wave converged, the wave height
became larger at the damaged location of the breakwater. Yamamoto et al. (1981)
also performed several stability tests to simulate the actual conditions, and the sliding
distance of the caissons. He concluded that the caisson sliding distance obtained by the
random wave tests was smaller than that obtained by regular wave tests.
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2.2.2 Oumeraci et al. (1992)
Hydraulic model tests and pendulum tests were performed by Oumeraci et al. (1992) in
a large wave ume in Hannover on caisson breakwater with rubble mound foundation
lying on sand bed as shown in Fig. 2.2. Horizontal impact force, uplift forces and the
related overturning moments were determined. Oumeraci et al. (1992) attributed the
free damped nonlinear oscillations of the structure foundation to the plastic deformation
of the foundation, as well as the hydrodynamic mass and geodynamic mass both of
which increase with the amplitude of oscillation of the structure.
2.2.3 Klammer et al. (1994)
The relationship between impulsive loading induced by wave breaking on a caisson
breakwater and the subsequent displacements was studied by Klammer et al. (1994)
in a wave ume. The caisson model consisted of two distinct parts which can move
independently of each other, as illustrated in Fig. 2.3. The rst part was used for
the measurement of impact pressure in front of caisson, the uplift pressure on caisson
bottom, as well as the acceleration and displacements of caisson. The second part was
used for the measurement of total horizontal force on the caisson structure.
Klammer et al. (1994) noted that for oscillatory motions with small peak ampli-
tude, almost no permanent caisson displacement occurred. However, when the ampli-
tude was larger than a certain value, permanent displacements started to occur, sug-
gesting that there was some threshold value above which permanent displacement was
initiated. Klammer also found that successive permanent displacement may accumulate
and lead to collapse of the structure.
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2.2.4 Kimura et al. (1996)
Small scale model tests were conducted by Kimura et al. (1996) to investigate the sta-
bility of a breakwater subject to tsunamis so as to determine better damage prevention
measures. The model was a 1/40 scale of the North Breakwater in Okushiri Port, Japan
(see Fig. 2.5). Kimura et al. (1996) found that an increase in buoyancy due to increase
in water depth was more responsible for damage than an increase in wave pressure on
the front of the breakwater. Moreover, the stability against sliding was signicantly
inuenced by the mound conditions. The stability enhanced when the mound extended
toward the rear and reinforced with stainless steel micro-piles beneath the caisson base.
Kimura et al. (1996) concluded that an unnecessarily heavy breakwater or high mound
was not advisable as it was easier to sustain fatal damage when exceeding the critical
values.
2.2.5 De Groot et al. (1999)
Large scale model tests and eld tests on existing breakwaters have been performed
by De Groot et al. (1999) to evaluate a simple spring-mass model and to study non-
stationary effects in the pore ow. These were done with the analytical equations and
nite element computer code TITAN. De Groot et al. (1999) characterized the foun-
dation response by the inertia of the caisson and the non-stationary pore water ow in
the rubble mound. It was found that the spring-mass model with 2 degrees of freedom
can be used to quantify the inuence of inertia on the foundation loading. The spring
coefcient and natural periods can be determined by equations with reasonable accu-
racy if the foundation was fairly homogeneous. If the foundation was inhomogeneous,
the numerical model was used for an accurate estimate of the foundation response to
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impacts.
In addition, De Groot et al. (1999) attributed the direct ow to the water pressure
variation at the sea side and on the other hand attributed the indirect ow to the caisson
movements, as indicated in Fig. 2.6. In case of non-breaking waves, the pore water ow
in the rubble mound without caisson movement was generally considered as a quasi-
stationary event and the pressure head was assumed to vary linearly along the bottom
of caisson. The non-stationary ow due to caisson movement which was caused by
wave impact from breaking wave was thought to have both favorable and unfavorable
effects. It may enlarge the uplift force with up to 30% compared to the value found
with stationary ow, which often occurred when the caisson fell back to the soil bed.
However, more than 30% reduction of the uplift force can be found at the moment of
maximum impact load.
2.3 Analytical and Numerical Modeling
2.3.1 Tsai et al. (1990)
A linear two-dimensional analytical model for soil responses due to waves and cais-
son motion was proposed by Tsai et al. (1990). The caisson was founded on a rubble
bedding layer overlying a linearly poro-elastic soil of nite depth. Two approximations
were employed to solve the boundary-value problem analytically: (1) a boundary layer
approximation to decouple pore pressure and soil motion in the Biot equations; and
(2) a contact solution approximation for a thin elastic layer to address the missed-type
mud line condition. Tsai et al. (1990) found that the caisson motion induced much
larger displacements, stresses, and pore water pressure in the soil than the wave alone,
which indicated that the caisson-foundation interaction necessitated a dynamic analy-
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sis. Under the caisson, the pore water pressure in the soil increased with depth because
of connement by the impermeable rigid boundary below, which were observed in both
analytical and physical models. The predicted pore water pressure agreed reasonably
well with the measured eld data. However, the analytical and experimental compari-
son of horizontal, vertical and rotational caisson displacements showed highly variable
degrees of concurrence. Tsai (1990) attributed it to a very poor noise-to-signal ratio in
the displacement measurements.
2.3.2 Sekiguchi et al. (1992)
Caisson stability against overturning subject to wave loading was studied by Sekiguchi
et al. (1992). They analyzed the stability of a leaning caisson as a single degree-of
-freedom system and then derived an expression for the lower bound estimate of the
driving moment needed to overturn a caisson as shown in Fig. 2.7. A review was
then made on the damages induced to a composite breakwater, which consisted of two
adjoining stretches B and C with slightly different size of caissons (see Fig. 2.8) which
had been observed to respond very differently under large wave loading. Most caissons
in stretch B were overturned, whereas no caisson in stretch C was overturned.
Sekiguchi et al. (1992) attributed the different damage of stretches B and C to two
reasons. First, the caissons in stretch B were slightly slender than those in stretch C.
Second, the destructive wave heights were slightly greater in stretch B, but they were
large enough to overturn the caisson. However, only the limiting overload factor was
obtained in the analysis. The analysis could not yield any results on the caisson tilt
angle.
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2.3.3 Goda (1994)
Goda (1994) derived a relationship for the elastic motion of an upright section of a
composite breakwater activated by an impulsive force due to breaking waves. The
foundation, including a rubble mound, was represented by a system of mass and dual
springs for rotational and horizontal motions (see Fig. 2.9). The validity of the model
was later conrmed using a small model test with a concrete block resting on a crushed
stone mound being impacted by a pendulum of known momentum. The spring constant
of the rubble mound and the sea bed was represented as the coefcient of elastic uniform
shear of soil reaction by Goda (1994), and its magnitude for prototype breakwaters was
estimated in the range of 100 to 200 tf=m3. The equivalent pressure of the breaking
waves needed to cause breakwater sliding was then estimated to be no more than 3
times the hydrostatic head of the wave height.
2.3.4 Oumeraci et al. (1994c)
Oumeraci et al. (1994c) analyzed the effects of some parameters on the dynamic re-
sponse of a caisson breakwater subject to breaking wave loads using a numerical model
validated by large-scale model tests. The caisson breakwater model, tested in a large
wave ume was idealized by a two-degree-of-freedom system as shown in Fig. 2.10
for the computation. The computed angular acceleration in Fig. 2.11 was found to be
slightly delayed after the 5th cycle with respect to the measured acceleration. Oumeraci
et al. (1994c) attributed the linearity of the oscillating system to a number of effects
such as soil parameters as well as added mass of soil and water that were forced to
move with the structure. The parametric studies also showed that the amplitude and
period of oscillations both decreased with increasing stiffness and a variation of 10% of
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the stiffness may affect the dynamic response. However, the period of oscillation and
the maximum amplitude of the response were only slightly affected by the variation of
damping terms.
2.3.5 Ling et al. (1999)
Ling et al. (1999) proposed a design procedure for caisson breakwater based on per-
manent displacement and sliding stability. The horizontal wave force and uplift force
acting on the caisson were determined from the Goda formula and expressed as a frac-
tion of the effective weight of caisson using wave coefcients. A yield wave coefcient
was dened as the horizontal wave force when the limiting condition against direct slid-
ing was reached. For a storm that had a wave coefcient Ch larger than this yield value
Chy, rigid-body motion would be induced in the caisson as illustrated in Fig. 2.12. The
equation of motion was double-integrated to obtain the magnitude of permanent dis-
placement. The proposed procedure was later compared with 35 case histories among
which sliding were observed for 24 cases. For certain cases, the calculated permanent
displacement per wave cycle was much larger than the measured one. For other cases,
the total number of wave cycles leading to the measured displacement ranged from 2
to 38. Ling et al. (1999) suggested that 20 wave cycles may be reasonable for the
consideration of permanent-displacement design.
2.4 Centrifuge Model Studies
2.4.1 Rowe and Craig (1976)
In order to study the incidence of liquefaction and effectiveness of densication meth-
ods, an in-situ test was performed by the Laboratorium voor Grondmechanica Delft
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(LGM) with a one-third scale model caissons on in-situ and treated ground subjected to
static and cyclic loading. Concurrently, two series of centrifuge models were run at the
University of Manchester (Rowe and Craig 1976). Rowe and Craig (1976) found that
the rst series, run before the in situ test, gave a realistic prediction for the caisson on
sand densied to 70% relative density. However, the initial in-situ test of undisturbed
ground showed a stage of large displacement which differed from model predictions
using specied bed of 50% relative density. A second series of model tests, run after
the in situ test but before the test data were worked out, showed that only 4-10% loose
zones in the foundation would exert a profound inuence on temporary liquefaction and
associated displacements. Moreover, shakedown and lateral movements were found to
accelerate immediately on raising the cyclic force and rapidly attained equilibrium, as
shown in Fig. 2.13. Small pore pressure swings were detected but no net increase in
pressure was observed (see Fig. 2.14).
2.4.2 Poel and De Groot (1998)
As a part of the European MASK III programme on the probabilistic design of vertical
breakwaters, Delft Geotechnics performed centrifuge tests to study the cyclic behavior
of caisson breakwater placed on clean and ne sand. The tests were executed by Poel
and De Groot (1998) at 60g on a breakwater model, consisting of 3 caissons, placed in
a relatively loose sand model with a relative density of 58%. The caissons were loaded
by an irregular breaking wave load in the rst test and a regular load in the second test,
as shown in Fig. 2.15(a) & (b), respectively.
Poel and De Groot (1998) found that the failure mechanism was progressive with a
combination of horizontal sliding and tilting. In the rst test, there was sufcient time
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between the peaks for dissipation of residual pore water pressures. In the second test,
the time between peaks was 0.2 s, which was too short for all residual pore pressures to
dissipate. Hence, it was considered by Poel and De Groot (1998) that the load signal and
load sequence signicantly affect the behavior and bearing capacity of caisson break-
water due to dissipation of excess pore water pressures between peaks and pre-shearing
effects. Large vertical displacements was found to occur in test 2 with regular wave
load due to cyclic compaction of the sand as shown in Fig. 2.16. Furthermore, Poel and
De Groot (1998) considered that the rotational and horizontal stiffness increased due to
cyclic compaction. As the load increased, the stiffness decreased due to plastic effects.
The reduction in horizontal stiffness was larger than in rotational stiffness.
2.5 Summary
Caisson breakwaters subject to impact waves are conventionally designed by treating
the wave loading as a quasi-static load and then checked for stability against sliding,
overturning and bearing capacity failure (PHRI, 1991). Oumeraci (1994a) noted that
this design approach may involve an unintended increase in risk because the possibility
of dynamic amplication of load on the caisson foundation is not considered in such
analysis.
A good number of 1g model studies and full scale model tests on caisson break-
waters subject to breaking wave loads have been conducted (e.g. Kimura et al., 1996;
Klammer et al., 1994; Marinski and Oumeraci, 1992; Oumeraci, 1991; Yamamoto et
al., 1981). However, most of these studies employed relatively short loading episodes,
which are unlikely to be representative of wave storm loading on a caisson breakwater.
Furthermore, as prototype soil behavior cannot be correctly reproduced in reduced-scale
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models tested in 1g conditions, the dynamic response of caisson and its foundation is
unlikely to be fully representative of the prototype. Finally, little attention has been paid
to the generation and dissipation of excess pore pressure in the foundation soil.
Numerical and analytical models were developed by Shimosako et al. (1994), Ling
et al. (1999) and Ling (2001) to estimate the sliding distance of composite breakwaters
due to wave forces. The proposed procedure may be simple and practical, but only slid-
ing distance is obtained during the whole wave loading. Sekiguchi (1994) developed
an approximate theory of overturning of caisson and proposed an overload factor suf-
cient to overturn a given caisson, but the specic caisson movement was not obtained.
The dynamic response of caisson breakwater has been idealized by a system of mass
and spring for horizontal and rotational motions (Goda, 1994; Oumeraci et al., 1994c;
Gao et al., 1988). Nonetheless, only elastic motions were calculated and the selection
of spring constants is not apparent. A realistic analysis of caisson motion and seabed
response may be modeled using Biot consolidation theory (Tsai et al., 1990; McDougal
et al., 1986) where the soil stresses, the surface displacement and pore water pressures
are modeled realistically. Such a procedure, because of its complex and arbitrary as-
sumptions, is not considered a practical design method.
Rowe and Craig (1976) and Rowe (1981) studied the behavior of caissons sub-
jected to several parcels of cyclic wave loadings using in-situ and centrifuge model
tests. In contrast to the 1g tests summarized above, excess pore pressures and their ef-
fects on permanent settlement and deformation featured strongly in Rowe and Craig's
(1976) and Rowe's (1981) studies. This striking difference suggests that the complex-
ity of caisson-foundation interaction might not have been fully captured in some of the
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early studies. Rowe and Craig's (1976) and Rowe's (1981) results indicated that where
patches of loose sand underlie the caisson, signicant excess pore pressure is likely
to be generated and substantial caisson settlement may result. However, the various
factors affecting the magnitude of excess pore pressure were not investigated. In addi-
tion, Rowe (1981) noted that their model predictions for the lateral displacement were
likely to be over-estimated due to an incorrect allowance for elastic strain in the loading
rig under the sustained horizontal force. Poel and De Groot (1998) also conducted cen-
trifuge model tests on caisson breakwater subject to regular and irregular breaking wave
loads. The results indicated that the response and stability of the caisson are strongly
inuenced by the wave pattern.
The above review highlights the complexity of caisson-foundation interaction and
the multitude of factors which can affect caisson response to wave loading. For in-
stance, many aspects of the cyclic behavior of caisson breakwater, such as the mech-
anism leading to the build-up of tilting, sliding and settlement, as well as progressive
softening of soil bed remain unclear. The needs to study cyclic caisson behavior both
experimentally and analytically constitute the main motivation for the present study.
This thesis deals with the centrifuge model tests and analytical modeling of caisson
behaviour, with emphasis on the following issues:
1) The development of various centrifuge equipments, experimental setups and re-
liable testing procedures for centrifuge tests on caisson breakwaters subject to
breaking wave loads.
2) The investigation of different loading patterns, such as regular non-reversal and
reversal wave loading on the movements of caisson breakwater and pore pressure
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build-up of soil bed using centrifuge modeling technique.
3) Further studies into the caisson behavior upon regular, non-reversal wave loading
with emphasis on
a) Examination of degree of densication of sand bed to resist a given wave
loading condition,
b) Arriving at an optimum caisson dimension for the given water depth and
wave loading conditions,
c) Studying the effect of weight of caisson on the performance of caisson
breakwater,
d) Investigating the effect of presence of rock sill on limiting the horizontal
sliding of caisson,
e) Investigating the effect of slamming on caisson top slab when the caisson
breakwater is exposed to impulsive wave loading,
f) Studying the effect of cyclic preloading on caisson movements.
4) The study of different loading strength and RD of soil bed on the movements of
caisson breakwater upon reversal wave loading.
5) The development of an analytical model to back-analyze the tilting movements
of caisson breakwater.
The present research hopes to establish the key control parameters of caisson break-
water, which could help improve the understanding of stability and failure mechanism
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of caisson breakwaters, and developing proper tools for port engineers for the dynamic


































































































































Fig. 2.4 Peak values of oscillatory motions vs. permanent displacements (after 






















































Fig. 2.6 Pore pressures in mound: distinction between direct and indirect components 





































Fig. 2.7 Sketch illustrating forces acting on a leaning caisson  





































(b) Representative cross section through Stretch C (Length in meters) 

























Fig. 2.9 Mass and spring models of upright breakwater and its foundation  
















































































































Fig. 2.11 Plots of angular displacement, velocity and acceleration versus time 










































Fig. 2.13 Typical model time-displacement records for caisson on uniform sand beds 
















Fig. 2.14 Typical pore pressure records for caisson on uniform sand beds  


























(b) Regular breaking wave load 
 
 





























This chapter presents the centrifuge model setup, model caisson as well as zinc chloride
(ZnCl2) chamber. The simulation of breaking wave loads and in-ight impulse actuator
apparatus used to simulate wave loading are then discussed in detail. This is followed
by the test procedures and the preparation of saturated soil bed. The performance of
miniature pore pressure transducers (PPT) and load cell used in the experiments is eval-
uated. The data acquisition equipment is then described. Finally, the typical sequence
of activities in the model tests is presented.
3.2 Centrifuge Modeling
3.2.1 Centrifuge scaling relations
The principles of centrifuge modeling involves subjecting the scale model to a gravi-
tational eld of Ng in which N is the linear scale factor. By so doing, prototype over-
burden stress levels are preserved in the model soil, thereby enabling prototype soil
behaviour to be preserved. The scaling relations for various variables are then obtained
by applying the requirements of dimensional analysis. For instance, in consolidation or
dynamic events, Schoeld (1988) noted that there are two basic underlying principles
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to centrifuge modeling, namely:
1) increasing the self-weight of model by increasing the acceleration to which the
model is subjected to in an acceleration eld created by the centrifuge, hence
leading to a reduction of model scale.
2) reducing the time or duration of the model tests as the scale is reduced when the
model is subjected to acceleration.
When a centrifuge model test is conducted under Ng, where Ng is the acceleration




















where F = Force,
T = Time (dynamic),
L = Linear dimensions, and
The subscripts m and p denote centrifuge model and prototype quantities, respec-
tively. Scaling relations for other quantities are given in many publications e.g. Leung
et al. (1991). A summary of the various scaling relationships is given in Table 3.1.
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3.2.2 NUS geotechnical centrifuge
The centrifuge model tests were conducted on the NUS geotechnical centrifuge. The
NUS centrifuge has a capacity of 40,000 g-kg and operates up to a maximum g-level
of 200g. The allowable payloads at 200g and 100g are 200kg and 400kg, respectively.
The structure of the centrifuge is based on the conventional dual-swing platform con-
guration. The model is normally loaded onto one of the platforms while the oppo-
site platform either carries an appropriate counterweight or an identical model. In the
present conguration, 45 differential channels are available for data transmission. The
centrifuge system incorporates two separate close-circuit TVs. One is mounted on the
centrifuge beam and another is mounted on a rigid supporting frame attached to the
strong box to facilitate a close-up side view of the experimental process through the
perspex window. The details of this centrifuge are given in Lee et al. (1991, 1992).
3.2.3 Viscosity scaling
As can be seen in Table 3.1, the time scale for dynamic events differs from that for
consolidation events if the same soil and pore uid as in the prototype are used in a
model test. In order to satisfy the scaling relationship for centrifuge tests involving both
dynamic and consolidation events, one should slow down the consolidation process so
that it is consistent with the dynamic time scale. This can be done by either using a ner
soil in the model, or using a more viscous pore uid to replace water in saturated tests
(Lee, 1985). However, to change the particle size of soils may lead to other changes
in the mechanical properties of soil such as strength and stress-strain relationship and
is hence seldom used. The most commonly used method to achieve consistent time-
scaling for consolidation and dynamic events is to slow down the dissipation of excess
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pore pressure by using pore uid of higher viscosity in the model. According to the






¹ =viscosity of permeant,
e = void ratio,
r = unit weight of permeant,
s = specic surface area of soil particles, and
k0 =factor depending on pore shape and ratio of the length of actual ow path to
soil bed thickness.
If the same soil is used as in the prototype, e, s and k0 will remain the same.
Therefore, permeability is expected to be inversely proportional to the viscosity of the
permeant. If the permeant has a viscosity N times that of water and the same unit
weight, its permeability is expected to be 1/N that of water. The density of silicone
oil is 970 kg/m3which is very close to that of water. As a result, silicone oil has been
widely used in centrifuge tests by researchers such as Lee & Schoeld (1988), Sassa
(1999) and Ko (1994).
When a viscous uid such as silicone oil is used, it is important to knowwhether the
mechanical properties of a soil such as strength, stress-strain relationships and damp-
ing characteristics will be changed since these uids have quite different physical and
chemical properties from that of water. Research results on the effects of silicone oil on
sand properties have been highly variable. Tan and Scott (1985) showed that the viscos-
Chapter 3. Centrifuge Model Setup 40
ity scaling broke down when soil particles larger than 0.1 mm are moving in the uid
during complete liquefaction. However, as complete liquefaction is unlikely to happen
in the present study, the use of silicone oil is acceptable. On the other hand, Eyton
(1982) and Madabhushi (1994) conducted laboratory tests on different soils with sili-
cone oil as the pore uid and concluded that the effect of silicone oil on the stress-strain
behavior is insignicant. Besides that, Bielby (1989) found that at a cell pressure of
200 kPa, the friction angle of oil-saturated sand was about 4± lower than that of water-
saturated sand. However, the difference in friction angle at much higher cell pressure
became negligible. Taking all these ndings into consideration, it is likely that silicone
oil may alter the friction angle of sand by no more than 4± in the worst case. This may
be important if the centrifuge model study is a site-specic study in which a specic
sand needs to be used to simulate in-situ conditions. In this case, however, the study is
a mechanistic investigation and is aimed at examining broad trends of behaviour rather
than providing numbers for design. The sand used is also not identical to any of the
sand on any specic site. As such, the difference in the friction angle is unlikely to have
a material effect on the conclusions.
3.3 Experimental Setup
Figs. 3.1 and 3.2 show the sketch and photograph of centrifuge model setup and in-
strumentation of present study, respectively. The model consists essentially of model
concrete caisson [1] seated on a model sand bed [2] which may or may not incorporate
a rock berm. The ballast in the model caisson was provided by lling the latter up with
heavy zinc chloride solution. Wave loading on the model caisson was simulated by
impulsive loading from an actuator driven by a closed-loop electric servo-motor. These
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components will be discussed further below. All the tests were conducted at 100g.
3.3.1 Model concrete caisson [1]
As shown in Fig. 3.2, the model is placed in a rectangular stainless steel strong box with
internal dimensions of 570x200 mm2 (i.e. 57x20 m2 in prototype scale) and a height
of 470 mm (47 m). The model caisson, which was 250 mm high (25 m), 180 mm long
(18 m) and 200 mm wide (20 m), spans across the whole width of the model container
and simulates a plane strain model condition. The width was determined by bearing
capacity considerations using Hansen and Christensen's (1969) method, and assuming
the caisson base to be at -20 mCD. The 20-mm (2-m) wide base protrusions at both
ends of caisson were designed to reduce the caisson bearing pressure on the sand bed.
The base of the caisson incorporated a 3-mm thick (0.3 m) steel plate on the inside and
a 7-mm thick (0.7 m) concrete layer on the outside; the latter being used to simulate
approximately the typical roughness of the base of a prototype caisson, as illustrated in
Fig. 3.3.
3.3.2 Sand bed [2]
The sand key was simulated by a layer of medium sand. The properties of this sand
are as follows: effective mean diameter of 0.42 mm, uniformity coefcient of 1.32,
minimum dry density of 1280 kg/m3 and maximum dry density of 1540 kg/m3. The
properties of the sand are shown in Table 3.2. The particle size distribution curve of
the sand obtained from sieving test is illustrated in Fig. 3.4. The tests were conducted
to examine the behavior of gravity caisson resting on sand bed with relative density
ranging from about 50% to 80%. The dry density and void ratio of the sand beds are
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summarized in Appendix A. Ovesen (1975) showed that the critical ratios below which
particle size effects become signicant are ratios between 20 and 40 for foundations
in quartz sand. The effect of soil particle size is reduced since the resultant ratio of
caisson width to the mean particle size is 524. The thickness of sand key is determined
by the thickness of soft clay that has been replaced. In the present study, a 15-m thick
prototype sand key is used in all the tests.
3.3.3 Rock berm
In the present study, majority of breakwaters used are the basic one without rock berm.
When doing parametric study on presence of rock berm, 4-m-thick rock berm is placed
underneath the caisson base, as shown in Fig. 3.5. The layer of rock berm used between
the caisson base and sand key seems to have several advantages: (1) to raise and level
the foundation bed; (2) to enhance the lateral stability of the structure (e.g., Tan et al.
1991); (3) to provide drainage of excess pore pressures and to act as lter against the
loss of sand particles (Oumeraci et al., 2001).
Rock berm should be hard, dense and durable, and free from the possibility of
breaking due to weathering and freezing. The shape of the rock should not be at or
oblong. The typical grain size of rock berm is at least 10 mm. The angle of friction
of rubble stones with ordinary materials is 40±, while that with brittle materials is 35±
(PHRI, 1991). Based on the results of large triaxial tests, the apparent cohesion C=2
tf/m2 and the angle of shear resistance Á=35± are applied for normal rubble which is
predominantly used in Japan for harbor construction (Takahashi, 1996). The properties
of the rock berm used in centrifuge tests are also shown in Table 3.2, with the effective
mean diameter of 3.25 mm (325 mm in prototype), minimum dry density of 1250 kg/m3
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and maximum dry density of 1435 kg/m3.
3.3.4 ZnCl2 chamber [3]
Each model test can be divided essentially into two stages. In stage 1, the caisson was
ballasted onto the sand bed by inlling it with zinc chloride solution. In stage 2, the
wave loading was simulated by repeated impulse on the seaward side of the caisson
using the servo-driven impulse actuator. Before ballasting the caisson, the heavy zinc
chloride (ZnCl2) solution was held in a storage container placed on the centrifuge
beam, as indicated in Fig. 3.6. The storage container is sub-divided into two chambers.
For most tests, only one chamber was used to simulate the ballasting stage. The other
chamber was used to simulate wave overtopping on caisson. The outlets of each of
the two chambers are tted with a solenoid valve operated by 24 V DC supply. In all
but one test, heavy zinc chloride solution was only released from chamber 1 into the
caisson to simulate the inlling stage, chamber 2 was not used. However, when doing
parametric study in test WL1, where after the inlling stage, more ZnCl2 was released
through solenoid valve No. 2 into the caisson to simulate overtopping of the caisson
during wave loading.
3.3.5 Pore pressure transducer (PPT )
Druck PDCR 81 miniature pore pressure transducers were used to record the instanta-
neous pore pressure of the soil bed during centrifuge ight. The ranges of these PPTs
are 7 bar and 3 bar using 5 volts power supply. Before the experimental set-up, PPTs
were de-aired using a vacuum machine so as to remove air bubbles from the inside of
the PPTs. Each PPT was re-calibrated before every test.
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3.3.6 Load cell [4]
Interface SML-500 load cell was used to record the horizontal impulsive loading ap-
plied by the actuator on the seaward face of the caisson. This load cell can measure
both tension or compression and has a capacity of 500 lbf. It is only sensitive to the
axial component of the actuator, any shear component between the actuator and caisson
was not measured. One side of the load cell was bolted into the shaft head, while the
other side was tted with a jam nut, which bears against the caisson. The load cell
output factor supplied by the factory was 2.0272 mV/V which was calibrated under 1 g
as shown in Fig. 3.7. It is found that the linear regression between the standard weight
and the calculated force obtained from the output factor yields R2=0.9998 and hence
the output factor is satisfactory.
3.4 Design of Breaking Wave Loads
From hydrodynamic aspects, there are a large number of wave pressure formulas,
such as Sainou formula (Oumeraci et al., 2001), Hiroi formula (Oumeraci et al.,
2001), Minikin formula (Oumeraci et al., 2001), Nagai formula (Oumeraci et al., 2001),
Goda's formula (Goda, 1972) and the extended formula developed by Takahashi et al.
(1994b), Allsop and Vicinanza's method (Oumeraci et al., 2001), and Oumeraci and Ko-
rtenhaus' method (Oumeraci et al., 2001). Currently, the original and extended Goda
formula is the most widely used. In 1973, Goda used his own theoretical and laboratory
studies (Goda, 1972) to establish a comprehensive formula to calculate the design wave
forces. This formula was successfully applied to the design of vertical breakwaters, and
a modication was made later by Takahashi et al. (1994b) to account for the frequent
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wave breaking close to and at a vertical breakwater.
3.4.1 Original Goda formula
In 1973, Goda used his own theoretical and laboratory studies (Goda, 1972) to establish
a comprehensive formula to calculate the horizontal pressure and uplift pressure, as
shown in Fig. 3.8. The notation shown in the gure as d , h , h0 and hc represent the
depth of water measured from the surface to the top of armor block, the depth of water
in front of caisson breakwater, the depth of design water table to the bottom of caisson,
and the crest elevation of caisson above the design water table, respectively. Only the
salient features of the Goda formulas are described here.
In the Goda formula, the maximumwave height at the siteHmax is used to calculate
the wave pressure calculation and is taken as the smaller value of 1.8H1=3 and Hb ,
where H1=3 is the signicant wave height and Hb is the wave height estimated at a
distance of 5H1=3 from the breakwater. Given the deep water wavelength L0 = gT 2=2¼
, where g is gravity acceleration and T is the wave period. The design wavelength L is








The elevation at which the wave pressure is exerted, ´¤ , and the representative
wave pressure intensities, p1, p3, p4 and pu can be written in a general form as follows:
´¤ = 0:75 ¤ (1 + cos ¯) ¤ ¸1 ¤Hmax (3.6)
p1 = 0:5 ¤ (1 + cos ¯)(¸1®1 + ¸2®2 cos2 ¯) ¤ ½w ¤ g ¤Hmax (3.7)






p3 = ®3 ¤ p1 (3.9)
p4 = ®4 ¤ p1 (3.10)
pu = 0:5(1 + cos ¯)¸3®1®3½wgHmax (3.11)
and





























¯ = angle between the wave crests and the normal of the front of the structure.
L = wave length corresponding to that of signicant wave Ts = 1:1 ¤ Tm; where
Tm is the average period, and
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hb = water depth at the location at a distance of 5Hs seaward of the breakwater
front wall.
For a vertical caisson, ¸1 = ¸2 = ¸3 = 1.
The original Goda formula has many advantageous features:
² It can be employed for all wave conditions, both for standing and breaking waves.
² The formula's design wave is the maximum wave height and can be evaluated by
given diagrams and equations.
² It is partially based on the nonlinear wave theory and can represent wave pressure.
² The Goda formula claries the concept of uplift pressure on the caisson bottom,
since the buoyancy of the uplift section in still water and its uplift pressure due
to wave action are dened separately. The distribution of the uplift pressure has
a triangular shape.
3.4.2 Extended Goda formula by Takahashi et al. (1994b)
The Goda formula was subsequently extended to include the following parameters:
(1) The incident wave direction (Tanimoto et al., 1976)
(2) Modication factors applicable to other types of vertical walls
(3) The impulsive pressure coefcient (Takahashi et al., 1994b)
Goda's formula did not consider frequent wave breaking close to and at a vertical
breakwater. Takahashi et al. (1994b) subsequently derived the impulsive wave coef-
cient to account for this effect, based on caisson sliding experiments. The pressure p1
at the water surface in the Goda formula can be expressed as:
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p1 = 0:5 ¤ (1 + cos ¯)(¸1®1 + ¸2®¤ cos2 ¯) ¤ ½w ¤ g ¤Hmax (3.17)
where ®¤ represents the coefcient of impulsive pressure and ®1 is the pressure coef-
cient for the slowly varying pressure. The coefcient ®¤ is expressed by:
®¤ = max(®2; ®I) (3.18)
®I = ®I0 ¤ ®I1 (3.19)
where ®I0 represents the effect of wave height on the mound, i.e.,
®I0 = Hmax=1:8 ¤ d (if Hmax=1:8 ¤ d · 2) (3.20)
®I0 = 2:0 (if Hmax=1:8 ¤ d > 2) (3.21)










; (if ±2 > 0) (3.23)
±1 = 20 ¤ ±11; (if ±11 · 0) (3.24)
±1 = 15 ¤ ±11; (if ±11 > 0) (3.25)




¡ 0:12) + 0:36(hs ¡ d
hs
¡ 0:6) (3.26)
±2 = 4:9 ¤ ±22; (if ±22 · 0) (3.27)
±2 = 3 ¤ ±22; (if ±22 > 0) (3.28)
±22 = ¡0:36(Bb
L
¡ 0:12) + 0:93(hs ¡ d
hs
¡ 0:6) (3.29)
where L is dened as the wave length for the Goda formula and Bb is the width of the
rubble berm at the toe of the wall of a vertical breakwater.
Fig. 3.9 shows the transition of wave pressure from non-breaking to impulsive
pressure, where the pressure component is indicated by the coefcients ®1, ®2 and
®I . ®1 represents the slowly-varying pressure component and ®2 the breaking pressure
component, while ®I represents the impulsive pressure component, which includes the
dynamic effect on caisson sliding. The total external horizontal pressure acting on the
caisson, due to the wave pressure, are determined as
p = 0:5[(p1 + p3)h
0 + (p1 + p4)hc] (3.30)
3.4.3 Comparison of Goda formulas with eld tests
Amodel that accounts for the nonlinear behavior of the foundation of a vertical structure
subjected to breaking wave impact loads has been suggested by Loginov (1969). The
wave impact force obtained by the original and extended Goda formula, Loginov model
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and VNIIG-77 model are summarized in Table 3.3. By comparing the measured force
on a breakwater in the eld, it is concluded that the wave force distribution developed
by Goda (1985) produced a far better estimation of wave impact force than the earlier
methods such as Longinov (1969). Therefore, the original and extended Goda formulas
could give a reasonable estimation of wave impact force on a prototype caisson.
3.4.4 Wave loading prole
For wave breaking directly on the caisson wall, the impact force may be distinguished as
a single-peak force followed by a rather smooth quasi-static component generally called
church roof load (Oumeraci, 1995) (Fig. 3.10). The single-peak force is induced by
a wave breaking on the structure with a negligible amount of air entrapped. In the
case of non-resonant loading conditions, the church roof load may be substituted by
a triangular load which is characterized by the peak value Fmax, the rise time tr and
the total peak duration td as shown in Fig. 3.11. Schmidt et al. (1992) studied the
relationships between Fmax, tr and td by means of hydraulic model tests and found that
depending on the amount of entrapped air and the magnitude of peak force, the ratio
between rise time tr and total peak duration td ranges from about 0.3 to about 0.65.
In Singapore, the wave height can be up to 1.5 m and the wave period up to 6 s
during the monsoon period. Storm wave heights are often larger overseas. In Japan,
Kashima port, the wave height can be as high as 11.7 m with the wave period of 14 s
(Ling, 1999). In the present study, a wave height and period of 3 m and 6 s, respectively,
were typically used. Table 3.4 shows some typical wave heights and periods computed
using Goda's formula. A summary of various scaling relationships about the wave
impulsive forces and wave characteristics is given in Table 3.5.
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3.5 Centrifuge Model Congurations
3.5.1 Wave actuator apparatus and servo-control system
The impulsive wave force was applied on the seaward face of the model caisson break-
water using the wave actuator apparatus by load-control via a brushless DC/AC servo
motor, see Fig. 3.12. The wave actuator apparatus includes three main parts: namely
torque arm, gear box and electric motor. The apparatus xed on the steel base support
structure of sand hopper and mounted on the left side of caisson is able to operate up to
100g in the centrifuge. The gear box just beneath the servo motor can bring about the
movement of torque arm and hence push the caisson forward. Feedback to the servo-
motor was provided by the load cell mounted on the head of torque arm, as shown in Fig.
3.13. The servo motor in Fig. 3.14 is available with a variety of waveform and feedback
combinations. The wave actuator apparatus was controlled by a servo-controller xed
on the top of the centrifuge beam.
3.5.2 Data acquisition systems
A schematic drawing of the wave actuator system is shown in Fig. 3.15. The wave form
was generated digitally from a desktop personal computer which resides in the control
room. The digital wave form signals were then converted to analogue via the software
Hyper Terminal driving a digital-analog card and then sent to the servo-controller. By
comparing the instantaneous target load with the applied load measured by the load cell,
the servo-controller continuously corrects the load signal to the motor. This was found
to work reasonably well at low frequency. However, at frequency above 20 Hz, the
response deteriorated owing to the inability of the servo-control system to keep up with
the rapidity of the loading uctuations. Details can be found in Zhang et al. (2004).
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The program needs to be pre-calibrated so that the prescribed peak wave load is
actually delivered to the caisson. Fig. 3.16 shows the calibration results under 1g. As
can be seen, the peak wave force increases linearly as the programmable code increases.
It is found that at the same programmable code, 2 kN of model peak wave force can be
achieved at 1 g, while the responding achievable peak wave force at 100g is only about
800 N. This is because part of the force is used to overcome the large friction force
between the head of torque arm and the bearing.
As shown in Fig. 3.17, the single-peak force was reasonably well simulated under
100g. However, the peak value of the single-peak wave was not exactly constant due to
rocking and swaying of the caisson, which the servo-motor cannot fully compensate. It
should be noted that, even in the eld, peak wave force uctuate from cycle to cycle,
depending upon the caisson motion and wave conditions. So, while this cannot be
controlled, it is not completely unrealistic.
3.6 Preparation of Saturated Sand Bed
3.6.1 Preparation of sand bed with high RD
For the sand bed with high relative density, dry sand is pluviated from a hopper into
the container. The hopper was calibrated and the height of pluviation and the ow rate
of hopper were adjusted according to the desired relative density of the sand. During
the sand pouring, the height from the bottom of the hopper to the surface of sand bed
is maintained at the prescribed height. The pluviation process was interrupted at pre-
determined depths and de-aired PPTs were placed at designated locations. Cables of
the transducers were laid on the sand surface and secured to the container wall using
masking tapes. The pluviation process was then resumed until the sand bed reached
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the prescribed level for the next placement of transducers. This process continued until
all the transducers were placed and the sand bed reached the nal height. In one test
involving rock berm, sand of 40 mm thickness placed within an area of about 370 mm
(37 m) long and 200 mm (20 m) wide will then be carefully suck out by a vacuum
cleaner to be replaced by the rock berm.
The sand bed was saturated using a vacuum saturation approach similar to that
reported by Lee and Schoeld (1988). Fig. 3.18 shows the vacuum saturation system
used. The vacuum gauge on the top of perspex rectangular cover was used to control the
vacuum so as to ensure that there is a pressure gradient between the de-aired silicone
oil storage chamber and the container. The ball valve was used to control the open and
close of the vacuum container. The incoming silicone oil was distributed over the base
of the sand bed via a multiply-perforated copper pipe, as shown in Fig. 3.19. The rate of
silicone oil ingress was maintained at a low enough level to prevent partial or localized
liquefaction of the sand sample. The upward seepage of the de-aired silicone oil and
the vacuum environment within the model container minimizes the likelihood of air
bubbles being trapped. Whatever small air bubbles that remained in the sand bed would
be dissolved in the silicone oil once atmospheric pressure is restored after saturation
and when the pressure is increased under high-g condition in-ight.
3.6.2 Preparation of sand bed with low RD
Sand beds with very low relative density could not be readily prepared using the vacuum
saturation method. This is because piping was found to take place readily when vacuum
was applied. In addition, the wetting of the sand during the upward seepage was found
to cause some densication of the very loose sand. This probably arises due to the
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zone of transient negative pore pressure around the wetting front. For such models,
another method was used to prepare the loose sand bed, as reported by Lee (1985).
About 22 kg of dry sand was thoroughly mixed with about 45 kg of silicone oil and
the mixture de-aired under vacuum for about 1 hour. Next, the sand and silicone oil
mixture was transferred to the container in small portions of about 500g each using a
stainless steel beaker. The beaker was then fully immersed in the oil already present
in the container and tipped over, thus allowing the sand to pluviate through silicone oil
without bubble formation. During this process, the beaker was moved slowly over the
area of construction. This facilitates an approximately equal rise of surface at all points.
The process was repeated until the sand bed was built up to the prescribed level.
3.7 Experimental Procedures
3.7.1 Installation of model caisson
As shown in Fig. 3.2, the model consists of a sand layer of 150 mm (15 m) thick, a
250-mm (25 m) high model caisson, silicone oil with a free surface at 200 mm (20
m) above the seabed. When the caisson was unballasted, that is empty, the upward
buoyancy force is only slightly less than the caisson weight. This allows the empty
caisson to rest on the seabed with a minimum loading pressure. As mentioned earlier,
in-ight ballasting of the caisson was achieved by inlling it with ZnCl2 from a storage
chamber mounted on the centrifuge arm.
In order to minimize the side friction between the model caisson and container
wall, Taniguchi et al. (1988) lubricated the side walls of the model container with
a 100¹m thick layer of silicone grease. In the present tests, a 100¹m thick layer of
silicone grease was brushed on the rear side of the container, then a 0.2 mm thick layer
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of polyethylene sheet was placed to prevent sand from penetrating into the grease. After
that the silicone grease was applied again on the polyethylene sheet and nally placed
on the second layer of polyethylene sheet. The front perspex side of the container was
treated the same way as the back side except that transparent grease was used so that
the experimental process could be observed clearly during the tests. This arrangement
greatly reduces the friction interface between the container sides and the model, as
reported by Khoo (1994).
During the siphoning of the silicone oil into the container to raise the oil level, it
was found that scouring could easily occur on the sand bed due to the ow of viscous
silicone oil. To prevent this, a piece of styrofoam plate was put on the sand bed and
silicone oil was siphoned on the plate so as not to disturb the sand bed. After the oil level
reached the proscribed depth, the styrofoam plate was removed. The model caisson
was then slowly lowered onto the prescribed location of the sand bed. To monitor the
caisson movements during the tests, four vertical displacement transducers (V1, V2,
V3 and V4) and one horizontal displacement transducer (H5) were employed, see Fig.
3.20. One pore pressure transducer (P7) was placed inside the model caisson to monitor
the ballast liquid pressure and hence obtaining the total weight of the caisson.
3.7.2 Two stages simulated in centrifuge
There were two stages simulated in the experiments:
1) Once the centrifuge was spun up to 100g, heavy zinc chloride solution (ZnCl2)
was inlled into the caisson to simulate the ballasting process.
2) Then the wave actuator was activated to apply impulsive wave load on the cais-
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son breakwater for about 17,000 wave cycles to investigate the progressive move-
ments of caisson and the change of excess pore pressure in the sand bed.
3.8 Inlling Stage
Fig. 3.21 shows the vertical displacement of the four potentiometers during inlling
stage in test WL4. As can be seen, the vertical displacement measured by the four
potentiometers are in reasonably good agreement, thereby indicating that the caisson
settled fairly uniformly during inlling. Assuming that the caisson displaced as a rigid
body, the settlement at the centreline of the caisson can be determined by taking the
average of the four measured settlements. Similarly, the angle of tilt µ of the caisson











in which B is the longitudinal offset between potentiometer pairs V1 & V3 and V2
& V4. V1 to V4 denote the settlement measured by the respective potentiometers as
indicated in Fig. 3.20. The horizontal movement refers to the displacement measured
by displacement transducer H1 which was placed at about 2 m above the water ta-
ble. Positive vertical movement denotes a downward settlement of the caisson while a
negative horizontal movement and positive tilt denotes movement in the landward di-
rection away from wave loading. All the test results are presented in prototype scale,
hereinafter, unless otherwise stated.
Before inlling, the effective caisson pressure on the foundation sand is about 100
kPa. During inlling, this pressure increases to about 320 kPa. Fig. 3.21 shows that
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caisson settlement increases approximately linearly during inlling. The horizontal
displacement and tilt in this stage is relatively insignicant. This relatively small tilt
and horizontal displacement is to be expected and indicates that the prepared sand bed
is reasonably uniform. The linear settlement suggests that the caisson foundation is
still well away from the point of bearing capacity failure. Ng (1998) reported a similar
observation that the load-displacement response of a spud-can footing is linear.
Table 4.1 and Table 5.1 which will be discussed later in Chapter 4 and Chapter 5,
respectively, summarize the observed caisson tilt angle, settlement of center and hori-
zontal displacement during inlling for the reversal and non-reversal wave loading tests.
The loading stiffness which is dened as the gradient of the load-settlement response,
is also given in the tables. Fig. 3.22 shows the loading stiffness plotted against the
initial RD. As can be seen, there is a trend of increasing loading stiffness as sand RD
increases. This is not surprising; a similar trend has been reported by Ng (1998) for
spud-can footings. The scatter of the data points about the trend line can be attributed
to several factors. Firstly, the initial sand RD quoted here is merely an approximate
value that is estimated from the weight and volume of sand prepared (see Appendix
A). Ng (1998) noted that the measurement of RD is highly susceptible to errors since
a relatively small error in the sand density will give rise to a much larger error in RD.
Secondly, the initial RD represents the RD at the point when the model is pluviated (i.e.
in dry state). The subsequent vacuum saturation and movement of the model onto the
centrifuge platform may cause changes to the model RD. This is likely to be especially
so for the loose sand models which were observed to densify slightly upon saturation
and movement. Thirdly, the very loose models (i.e. tests WL16 and WL17) which were
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prepared by depositing sand under silicone oil may not be as uniform as those prepared
by pluviation through air. Finally, the settlement of model WL6 might have been in-
uenced by the rock berm on which it sits. Notwithstanding all these factors, the fact
that there is a clear trend of increasing loading stiffness with RD indicates that there is
a consistent change of behaviour as the RD changes.
Based on the assumption that the initial RD are affected by the errors, whereas the
loading stiffness is likely to give a better indication of the sand RD of the model at the
start of the test, Ng (1998) used the loading stiffness to obtain a corrected RDc . A
similar approach was used in this study to correct the RD. The trend shown in Fig.
3.22 suggests that the loading stiffness of sand increases linearly with RD with a R2
value of 0.89. As shown in Table 4.1 and Table 5.1, the difference between initial and
corrected RD is no more than 5 % in most cases. This and the relatively high R2





Table 3.1 Summary of scaling relations between model and prototype 
(after Leung et al., 1991) 
Parameter Prototype Centrifuge Model at Ng 
Linear Dimension 1 1/N 
Area 1 1/  2N
Volume 1 1/  3N
Density 1 1 
Mass 1 1/  3N
Acceleration 1 N 
Velocity 1 1 
Displacement. 1 1/N 
Strain 1 1 
Energy Density 1 1 
Energy 1 1/  3N
Stress 1 1 
Force 1 1/  2N
Time (Viscious 
Flow) 1 1 
Time (Dynamics) 1 1/  N
Time (Seepage) 1 1/  2N











 Table 3.2 Properties of sand bed and rock berm 
 
 
 Sand Rock berm 
Effective Size,  (mm) 50D 0.42 3.25 
Uniformity Coefficient, U 1.32 - 
Specific Gravity,  sG 2.65 2.75 
Minimum Dry Density, 
minρ (kg/ ) 3m 1280 1250 
Maximum Dry Density, 
maxρ (kg/ ) 3m 1540 1435 
Minimum Void Ratio,  mine 0.72 0.91 
Maximum Void Ratio,  maxe 1.07 1.2 
Coefficient of permeability k 
(m/s) 




















Table 3.3 Comparison of Goda formula results with field and prototype tests 
(a) Prototype Study by Marinski et al. (1992) 













715 722 497.3 497.3 
(b) Field Test by Klammer et al. (1994) 




























Wave force on 
caisson  
(kN) 
1 0.167 6 2417 
1.5 0.167 6 3606 
2 0.167 6 4834 
2 0.125 8 5249 
2 0.1 10 5923 
































Table 3.5 Summary of scaling relations between model and prototype 
 
Parameter Prototype Model at 100g 
Wave period (sec) 1 1/100 






1 1/  2100
Caisson pressure 1 1 
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(e) Photograph of 2ZnCl  chamber   






















































































































































(a) Entrapped air pocket                                     (b) No entrapped 
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Linear Regression for Data1_B:
Y = -2.49716 +0.10596 * X
 
Fig. 3.22 Correlation between initial RD and loading stiffness after infilling  
Chapter 4
Regular Non-Reversal Wave Loading
Tests
4.1 Introduction
The experimental work consists essentially of two series of centrifuge model tests. In
the rst series, impulse actuator was congured with the objective of applying repeated
impulse loading cycles on the caisson without any reversal of loading. As shown in Fig.
4.1, the target was to achieve a wave loading prole with the following two attributes:
(1) peak loads with equal magnitude, and
(2) troughs of loading cycles have zero magnitude.
This kind of target wave loading prole, Which is similar to the triangular load de-
ned by Oumeraci (1995) shown in Fig. 4.2, will be termed hereafter as regular, non-
reversal wave loading. For the case of non-resonant loading conditions in which the
frequency of oscillation wave force does not coincide with caisson natural frequency,
Oumeraci (1995) simplied the wave loading prole by ignoring the suction phase and
approximating the single-peak church roof prole to a triangular prole. This is be-
cause the quasi-static load is relatively insignicant as compared with the peak load. In
the present centrifuge tests, the wave loading frequency ranges at 18 to 22 Hz in model
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type, which is equivalent to 0.18 to 0.22 Hz in prototype scale. From the mass-spring
model presented in Chapter 6, assuming there is no load on caisson breakwater, the
natural frequencies of caisson breakwater in the vertical, horizontal and rotational di-
rections can be obtained as 1.95 Hz, 1.34 Hz and 3 Hz. This means that phenomenon
of resonance does not possibly occur during the centrifuge tests.
The model tests discussed in this chapter were aimed at studying the response of
these models to such regular non-reversal wave loading. However, as will be seen
later, some occasional irregularities in the wave prole occurred within the 20,000 or
so wave cycles to which the models were subjected during each test. These so-called
irregularities are in fact the natural properties of the waves. However, for convenience
and simplicity, these are termed as irregularities in the present study. The rate of
occurrence of these irregularities averaged about 1 per 2,000 load cycles, which by itself
is a small proportion. However, they triggered large response in caisson movements
which far exceeded their relative proportion. This indicated a high degree of sensitivity
of the caisson models to the wave loading proles.
Actual wave loading in the ocean is not strictly regular and non-reversal. For in-
stance, Fig. 4.3 shows that wave loading cycles from ocean waves on the Dieppe Cais-
son, uctuations in the peak wave loading were noted. This is hardly surprising since
there is no particular reason why wind and wave loading should follow a strictly reg-
ular wave train prole. In fact, actual ocean wave loading proles are not even non-
reversal. Negative (i.e. reversal) phases are recorded in Fig. 4.3, arising from the
transient lowering in water level during the wave troughs. Moreover, the simplicity of
ignoring the negative phase by Oumeraci (1995) assumes that the negative phase does
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not have a signicant effect on the caisson performance. For these reasons, the effect
of sign reversal in the wave loading on caisson response will be discussed in the next
chapter. Finally, the effect of high wave peaks which formed a portion of the irregu-
larities observed was investigated in Chapter 6 by comparing the results of a proposed
analysis with the model test data.
4.2 Overall Caisson Response During Wave Loading
4.2.1 Data processing
Table 4.1 shows the test identication for caisson breakwater subject to regular, non-
reversal wave loading. Fig. 4.4 shows the typical time history of a model wave load-
ing episode of triangular prole of test WL4. Owing to the large number of wave
cycles, only data for (i) rst 12 wave cycles, (ii) 1000 to 1012th wave cycles and (iii)
10; 000 to 10; 012th wave cycles are presented. The wave load hereafter is expressed as
a percentage of the effective caisson weight. In the non-reversal tests, the prescribed
magnitude of the peak wave load is 0% to 10%. As can be seen, there is signicant cais-
son response due to cyclic loading. The more gradual build-up of caisson movements
and pore pressures may be masked by the cyclic component. Following the approach
of Ng and Lee (2002), the time history plots were smoothed by averaging adjacent data
points over a window of several wave cycles. This smoothing process has the property
of a symmetric, low-pass, nite-impulse response lter, which suppresses the high-
frequency cyclic component, thereby allowing the low-frequency trend to be visualized
(Chen, 2001). As shown in Fig. 4.5(a) to (e), the displacement and excess pore pressure
time histories show a signicant decrease in the magnitude of cyclic components as the
number of cycles over which averaging is performed is increased from 0 to 80 cycles.
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This is to be expected, as Fig. 4.5 shows, the number of average cycles increases be-
yond 10, the relative improvement achieved by averaging over larger number of cycles
diminishes to a sufciently low level, which allows the displacement and pore pressure
to be discerned. Comparison of Figs. 4.5(d) and (e) shows that, as the number of aver-
aged cycles increases from 10 to 80, there is still a noticeable decrease in the cyclic pore
pressure component but the decrease in the cyclic displacement component is much less
noticeable. Thus, for the data in the present study, averaging over 10 cycles is sufcient
to suppress the cyclic component to allow the trend to be clearly discerned. All subse-
quent data trends plotted are obtained by averaging the corresponding raw time history
over 10 cycles.
4.2.2 Longitudinal and out-of-plane tilting
Fig. 4.6 shows the cycle-average settlements measured by the four potentiometers, V1
to V4 and the cycle-average horizontal movement measured by the potentiometer H1.
As Fig. 3.1 shows, potentiometers V1 and V2 were located at the landward edge of
the caisson while potentiometers V3 and V4 were located at the seaward edge of the
caisson. Potentiometers V1 and V3were located at the rear of the model container while
potentiometers V2 and V4 were located at the window side of the model container. The
vertical displacement trends of V1 to V4 show that, in addition to the tilt angle µ of the
caisson in the longitudinal direction (i.e. seaward-landward), there is also a tilt angle µ2
in the out-of-plane (i.e. cross-sectional) direction, that is, between the window side and
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in which L is the lateral offset between potentiometer pairs V1 & V2 and V3 & V4. The
occurrence of tilt in the out-of-plane direction is not occasional. During high g level, the
platform is lifted up and hence there is a 1-g gravity force downwards, which causes an
inclination towards the rear of model caisson, as shown in Fig. 4.7. Hence, the window
side was a little tilted up relative to the rear side of the caisson. Fig. 4.8 shows the build-
up of tilt angle of the caisson in the longitudinal and out-of-plane direction. As can be
seen, the longitudinal tilt is approximately 4 times as large as the out-of-plane tilt. This
indicates that the out-of-plane tilting is relatively small compared to the longitudinal
tilt.
4.2.3 Overall caisson movements and pore pressure response
As Fig. 4.9 shows, the tilt of the caisson does not increase in a smooth, continuous
manner. Instead, it appears to be dominated by episodes of fairly sudden increase in
tilt. Fig. 4.10(a) shows the build-up of tilt in four tests with different RDi of sand bed.
As can be seen, in all cases, the build-up of tilt is similarly dominated by instances of
sudden increases, the latter varying signicantly from test to test. In all of the tests
involving non-reversal loading, the target value of the peak load is the same. As Fig.
4.4 shows, the actual peak loads are approximately equal. In spite of this, the cumu-
lative tilt for a given number of wave cycles do not appear to exhibit a denite trend
of behaviour in relation to the sand RD, see Fig. 4.10(a). Some of the tests, such as
WL2, WL9 and WL7, show a consistent trend of settlement and tilt decreasing as sand
RD increases. However, test WL4 clearly bucks the trend, with large tilt developing
almost immediately at the start of loading and increasing apparently at discrete steps at
ve instances during the loading episode. In between steps, the increment in caisson tilt
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is relatively small. At the same time, the settlement trend shows a reversal to a steady
increase in heave shortly after the commencement of the loading episode. Stepwise
increases in tilt are also present in tests WL2 and WL9, albeit in lesser numbers and
smaller magnitudes. This is in stark contrast to the behaviour of the caisson during the
inlling stage, wherein caisson settlement appeared to be reasonably well correlated to
the RD. The reasons for this will be examined further below.
Fig. 4.10(b) shows the build-up of settlement at the caisson centerline for all tests
involving non-reversal loading. This settlement value Set is computed by averaging all
four potentiometers V1 to V4.
Set = (V 1 + V 2 + V 3 + V 4)=4 (4.2)
As in the case of caisson tilt, the caisson settlement also exhibits a similar jerky trend
of increase and is also not well-correlated to the sand RD. Fig. 4.10(c) shows the build-
up of horizontal movement in all tests. The jerky pattern and lack of correlation with
RD are also reected in the horizontal movement.
The lack of correlation of caisson movements with RD suggests that the RD is not
the most important parameter inuencing caisson movement in these series of tests,
and that some other factors may be more dominant. One possible factor is the wave
loading prole. This would be consistent with the episodes of sudden movement, if the
latter is indeed related to irregularities in the wave train. At the material level, Festag
(2001) also showed that plastic strain increment of triaxial sand samples suddenly oc-
curred after some cyclic compression loading in which the vertical strain rate slowed
signicantly. However, Festag (2001) failed to give an explanation of this form of local
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failure. Moreover, the signicance of wave prole has already been alluded to by Poel
and De Groot (1998) who showed that the plastic deformations of caisson were gen-
erated mainly by the highest peaks during irregular loading and the failure mechanism
consisted of horizontal sliding in combination with a large rotation. This suggests that
the soil can adapt and re-stabilize itself to a regular sequence of non-reversal load cy-
cles, but this adaptation can be upset by the occurrence of irregularities in the loading
pattern. Thus, Poel and De Groot's nding would suggest that, even at a caisson sys-
tem level, it is not unreasonable to expect irregularities in the wave pattern to have a
signicant effect on caisson movements.
Fig. 4.11 to Fig. 4.13 show the trend of pore pressure accumulation during each of
the tests except WL9 since PPTs were spoilt in that test. As can be seen, excess pore
pressures are small, being no more than about 5 kPa in the maximum case. However,
in test WL4, pore pressure spikes are clearly in evidence at the instances where there
are sudden increases in caisson movements, as shown in Fig. 4.11.
The instantaneous pore pressures in the sand bed, that uctuate during each wave
cycle, are caused by the wave induced uctuation of water pressure and by the rocking
motions of the caisson breakwater. Because the breaking force is directly applied on
the caisson breakwater by means of the wave actuator apparatus, the latter plays an im-
portant role in producing the instantaneous pore pressures. Fig. 4.4 shows the instan-
taneous pore pressure responses at different wave cycles in test WL4 with RD=72%.
The pore pressure time history is highly unsymmetrical, with each cycle consisting of a
long positive phase followed by a short negative phase. Moreover, the magnitude of the
positive phase is also larger than that of the negative one. Higher excess pore pressures
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always develop under the edges of the caisson base with quite small pore pressures at
far away from the caisson base. It is noted a 180± phase difference between the seaward
and landward pore pressure responses indicating the alternating loading and unloading
of soils at the two edges. Under maximum forward load, the toe is unloaded, hence the
sand below swells and the ow of silicone oil leads to the emergence of negative pore
pressure. At the same time, the heel is loaded and the sand below the caisson heel con-
tinues to be under compression, causing the increase in positive pore pressures. When
unloading to the minimum forward load, the caisson might settle back onto the softened
sand and the pore pressures recover to its original situation. The pore pressures at the
two sides of the shallow foundation when subjected to earthquakes were noted by Zeng
(1998) to experience the same phenomena as the centrifuge tests.
It is also interesting to note that the peaks of the landward excess pore pressure
occur at different times with those at shallow depths occur earlier than that at greater
depths. In addition, large uctuation of pore pressure at the edge of caisson breakwater
also occurs at shallow depths, as indicated in Fig. 4.4. The impulsive wave loads
are transferred to the sand bed through the rocking and swaying motion of the caisson
breakwater and the only resistance opposed to these loads is provided by the shear
strength of the foundation soil, inertia and damping forces (Oumeraci, 1994a). Hence,
the cyclic wave loads are mostly felt by the surface soil just beneath the base of caisson
and then transferred to a greater depth through rearranging the soil skeletons. On the
other hand, the larger and earlier uctuation of seaward pore pressure is found to occur
in greater depths. When the breaking wave force loads on the caisson, the toe of caisson
breakwater is unloaded and hence drainage could probably take place at the seaward
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base of caisson.
4.2.4 Effects of irregularities in the wave prole
Figs. 4.14 and 4.15 show the wave loading, caisson tilt, settlement, horizontal move-
ment, seaward and landward pore pressure time histories at the episodes of sudden
increase in caisson movements in test WL4. All these plots were based on unaveraged
(i.e. raw) time history records. As can be seen, in all these episodes, irregularities were
indeed present. These irregularities can be categorized into two types. The rst type
is wave spike, in which the peak impulsive load signicantly exceeds the target value
by about four times. As shown in Fig. 4.9, these spikes occur on average about 1 in
5,000 wave cycles. They are attributed to the limited high frequency response of the
servo-motor, which resulted in the latter not being able to adjust the loading fast enough
when the caisson movement is too fast. However, this could be possible in the site as
the variation of foreshore geometries, wave height and wave period from time to time
also leads to the uctuation in wave magnitude. In all cases, the wave spikes resulted
in a sudden increase in caisson movements and pore pressure response, which occurred
within the same cycle as the wave spike.
The second type of irregularity is a reversal phase within a wave cycle, as shown in
Fig. 4.15. The negative load on the actuator denotes a tensile force, which is indicative
of a pull by the actuator on the caisson. The magnitude of the peak reversal load is
much smaller than that of the peak impulsive load, being typically no more than about
2% of the caisson buoyant weight or 1235 kN. The cause of the reversal loading is less
obvious than that of the loading spike. This is because, in the non-reversal loading tests,
the actuator end is not attached to the caisson, it merely bears onto the latter. Thus, when
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the actuator is retracted after every impulsive phase, it is free to detach from the caisson.
The fact that there is a small tensile load in the actuator in a few cycles suggests that, in
these cycles, the actuator tip is unable to detach (see location [1] in Fig. 3.13) cleanly
from the caisson face. One possible cause of this reversal phase is the development of
suction between the atten end of the actuator and the face of the caisson. The level of
the actuator coincides approximately with the surface of the silicone oil. Wetting of the
actuator-caisson interface may therefore occur as a result of splashing of silicone oil
by the actuator and caisson movement. Under such conditions, transient suction may
develop between actuator and caisson owing to the high speed of the actuator and the
high viscosity of the silicone oil (100 cst). By considering the contact area between
actuator and caisson, it is shown that the suction needed to develop this tensile load at
the actuator-caisson interface is of the order of 525 kPa. The large increase in caisson
movement and pore pressure response typically occur during reloading of wave cycle
after the reversal phase. The effect of wave spike and reversal-phase wave on caisson
response will be examined in detail later.
Fig. 4.16(a) shows the build-up of caisson tilt at various stages of the loading
episodes, after removal of the sudden increases caused by the irregularities. As can be
seen, a much more consistent trend is now obtained between nal tilt and RDi. Thus,
the occasional departure of the wave train from a perfectly regular and non-reversal
prole, together with the sensitivity of the caisson foundation to such irregularities, has
led to the inuence of the RD being overwhelmed by inuences from loading prole.
There may well be an interaction between the effects of the irregularities and those of
the regular segments of the wave train. Nonetheless, the fact that the effects of RD can
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be reasonably well-presented by removing the sudden increases from the cumulative
tilt suggests that these two effects (i.e. those of the regular and the irregular parts of
the wave train) are largely superimposed. Similarly, as shown in Fig. 4.16(b) and (c),
the correlation between the settlement, the horizontal movement and the RDi are also
much improved.
4.3 Caisson Response During RegularWave,Wave spike
and Reversal wave
4.3.1 Caisson response during the regular wave segments
Fig. 4.16(a) and (b) show, in test WL2 with RD=60%, caisson tilt during the regular
wave segments stabilizes over the rst 12,000 wave cycles, while in the other tests, cais-
son tilt and settlement rapidly stabilize within 2,000 wave cycles. Thereafter, increment
in the tilt becomes quite minimal. This kind of shakedown type of response is similar
in trend to those observed by Springman et al. (1996) on integral bridge abutments and
Smith and Molenkamp (1980) on offshore structures. Fig. 4.16(c) shows that the same
is true for the horizontal movement at the potentiometer H1.
It should however be noted that the horizontal caisson movement H1 is likely to
consist of a signicant component contributed by caisson tilt; the latter component
being equal to the product of tilt angle and standoff from potentiometer H1 to the centre
of rotation. Fig. 4.17 shows the horizontal movement H1 plotted against the angle of tilt
µ for some number of wave cycles in test WL4. These gures show that the relationship
between H1 and µ may be given by the linear relationship:
H1 (in mm) = C +M ¤ µ (in radians) (4.3)
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In which C is the cumulative plastic horizontal movement due to sliding, and M reects
the vertical offset between the potentiometer H1 and the centre of tilt. It is considered
that the sliding is absence in centrifuge tests; the peak horizontal impulsive load is only
about 39% of the caisson's buoyant weight, which is equivalent to a mobilized angle
of friction of about 21± at the caisson-sand interface. Such small value may not be
able to induce signicant caisson sliding. As Fig. 4.17 shows, in a given continuous
sequence of regular wave cycles, C is almost unchanged from the 3rd wave cycle to the
27th wave cycle. Moreover, M is almost constant and has a value of about 8.5 m. This
indicates that the caisson rocks about a centre of tilt which is practically stationary and
is located at a depth of about 8.5 m (in prototype terms) below the potentiometer H1.
Since potentiometer H1 is located 21m above the caisson base in prototype terms, this
indicates that the centre of rotation is located very close to the caisson gravity centre.
There was some initial suspicion that this might have been due to the added mass of
silicone oil in front of and behind the caisson. However, as Fig. 4.18 shows, the centre
of tilt remains around the mid-depth of the caisson even when the silicone oil level has
been lowered down to the sand surface.
Fig. 4.19 shows the rotational stiffness during the regular wave segments, which is
dened as the gradient of moment at caisson base over the angle of tilt. The rotational
stiffness reduces slightly from the 2nd wave cycle to the 6th wave cycle, which is also
consistent with the ndings by Poel and De Groot (1998). After the rst 200 cycles
and before the occurrence of irregular waves, rotational stiffness during regular wave
cycles remains almost constant, indicating that a stable (presumably elastic) state has
been reached.
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The excess pore pressure responses with the change of moment of caisson base
under the regular waves are shown in Fig. 4.20(a) and (b). At the commencement of
the loading cycle, positive pore pressure of soil under the caisson heel is generated as
a result of increase in total stress and reduction in effective stress. In general, the ef-
fective stress appears to lead total stress. Thus, at the later stage of the loading phase,
excess pore pressure decreases while the total stress continues to increase. Upon un-
loading, excess pore pressure decreases, probably driven largely by the decrease in total
stress. Underneath the caisson toe, events are almost exactly out-of-phase compared to
that underneath the heel. At the start of the wave loading episode, cyclic excess pore
pressure uctuations are not exactly in phase with the moment; this results in a loop in
the excess pore pressure vs moment plot in Fig. 4.20(a) and (b). This can be attributed
to shear-induced dilatancy of the sand bed. The larger loop developed on the landward
side suggests more severe nonlinearity of the sand underneath the caisson heel. Af-
ter 200 wave cycles, the area of the loop becomes smaller indicating that the excess
pore pressure uctuations are coming into phase with the moment, as the foundation
stabilizes.
4.3.2 Caisson response during the wave spike
Fig. 4.21 shows the caisson response during wave spike at the 3720th wave cycle in
test WL4. The caisson base was found to move in the direction of the load from the
beginning, as shown in Fig. 4.21(a). As the wave loading increases past the level of
the regular wave toward the peak of the wave spike, the horizontal movement increases
faster than the tilt. This leads to a signicant increase in vertical offset between point
H1 and the centre of tilt. This implies that the centre of tilt is effectively migrating
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downwards as the wave load increases. At the peak of the wave spike, M has a value
of about 22.38 m. This indicates that the caisson rocks about a centre of tilt which is
located at a depth of about 22.38 m (in prototype terms) below the potentiometer H1.
Since potentiometer H1 is located 21m above the caisson base in prototype terms, this
indicates that the centre of tilt is located just beneath the caisson base. Similarly, in test
WL11, the centre of tilt was found to be located at a depth of about 22.86 m as shown
in Fig. 4.22.
The downward shift of the centre of tilt can be explained in terms of a simple
elasto-plastic framework involving shear resistance along the caisson base and rota-
tional failure mechanism. During low levels of wave loadings, such as those which
occur during the regular wave cycles, the caisson foundation is largely elastic and tilt is
relatively small. One may postulate that for a tall structure like a caisson, a signicant
portion of the balancing moment comes from the shear force at the caisson base. Under
this condition, the centre of tilt of a tall structure like a caisson should lie above the
caisson base. If the centre of tilt lies at the base of the caisson, then the shear force is
required to develop under conditions of zero movement, which would need an innitely
stiff caisson foundation. Since this is clearly impossible, some waveward movement of
the caisson base is inevitable and this brings the centre of tilt above the caisson base.
As will be shown in the analysis in Chapter 6, the assumption of an elastic foundation
does bring the centre of tilt to somewhere around the caisson mid-depth. As the wave
load increases, signicant rocking resistance develops underneath the caisson base due
to the non-uniform distribution in bearing pressure. As the proportion of rocking mo-
ment resisted by this mechanism increases, so the proportion resisted by the shear force
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along caisson base reduces, and the centre of tilt migrates downwards.
The soil rotational stiffness during the wave spike was found to be much smaller
than that before and after the wave spike (i.e. regular wave), as shown in Fig. 4.21(b).
However, the soil can adapt and re-stabilize itself to the regular sequence of non-reversal
load cycles after the occurrence of irregularities in the loading pattern. This is indicated
by the fact that the rotational stiffness before and after the wave spike was almost un-
changed. Furthermore, bigger loops of excess pore pressures at both landward and
seaward are also observed for the wave spike compared with those under regular wave,
as shown in Fig. 4.21(c). This is reasonable since a larger wave load will probably elicit
a more non-linear (probably plastic) response from the caisson foundation. As a result,
excess pore pressure generation will become less in-phase with moment.
4.3.3 Caisson response during the reversal phase
Fig. 4.23 shows the caisson response during the reversal phase in test WL4 at the 1644th
wave cycle. Due to the inertia effect, the horizontal movement and tilt angle increase
only at the peak of wave reloading. Bigger loops of excess pore pressures at both edges
of caisson base are again observed for the reversal wave compared with those under
regular wave, but smaller than those under wave spike, as shown in Fig. 4.23(c). The
effects of reversal wave loading with different strength on caisson response will be
examined in greater detail in Chapter 5.
4.3.4 Soil movements underneath caisson base
Fig. 4.24 displays the two-grid vector maps of soil movements of sand bed after the in-
lling and wave loading stages of test WL4, respectively. These soil movement vectors
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were obtained by attaching black line markers in the side view of sand bed surface and
then analyzing the line marker movements using an image processing software OPTI-
MAS. As soil movement decreases rapidly with depth, only soil movement down to 6
m depth was analyzed.
After the inlling stage, the soil movement decreases with increase in soil depth.
Hence, most of the soil movements occur in the top layer. Close to the two edges of
caisson base, the soil moves sideward. The symmetry of the soil movements along the
mid-base of caisson indicates that the sand key prepared by using the vacuum de-air
method is fairly uniform.
After the wave loading stage, the surface soil under the caisson base moves down-
wards as shown in Fig. 4.24(b), revealing residual settlement of the caisson base. In
addition, there is a clockwise soil ow under the seaward caisson base. This explains
why the caisson toe heaves after 1,000 wave cycles with the development of positive
excess pore pressure. The larger downward movements occurring in the landward side
means that the caisson heel settled more than the caisson toe. The soil outside the cais-
son toe heaved after wave loading. Because of lack of markers in the landward side,
the movement of the soil outside the caisson heel cannot be ascertained. Nonetheless,
the general picture that emerges from these markers is consistent with that discussed
earlier. Firstly, tilt is a very important part of the caisson movement. Secondly, plastic
soil ow seems to underscore the existence of a rotational failure mechanism under-
neath the caisson base, with the soil owing from the heelside to the toeside, and this is
supported by the permanent tilt of the caisson after the wave loading. This also explains
the ground heave outside the caisson toe.
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4.4 Parametric Studies
4.4.1 Caisson width
In the present study, the effective loading pressures underneath the caisson base for the
three different caisson widths of 14 m, 16 m and 18 m are designed to be almost the
same, 100 kPa. The effect of caisson width on its performance is investigated when the
caisson is subjected to non-reversal wave loading.
The comparisons of average caisson movements with different caisson widths are
shown in Fig. 4.25. Although irregular waves occasionally occurred in these three tests,
its effect is overwhelmed by the caisson width effects, especially between the caissons
with 14-m wide and 16-m wide. It is noted that during the wave loading stage, the
magnitudes of tilt angle, settlement and horizontal movements are the most for the 14-
m wide caisson as compared to the 16-m and 18-m wide caissons. This is reasonable as
the factor of safety against sliding and overturning is signicantly lower for the caisson
with a smaller width because of the reduced total weight. The maximum tilt angle for
the 14-m wide caisson is 0:25± as shown in Fig. 4.25(a), implying that this width may
not be adequate to provide the necessary stability against overturning. At the same
time, the horizontal movement of the 14-m wide caisson is up to 133 mm which also
means it may not have enough stability against sliding (Zhang et al., 2005). Because
the averaged tilt angles of 16-m and 18-m wide caissons are quite close, it is replotted
after removal of the sudden movements due to the irregular wave as shown in Fig. 4.26.
Still, there is a consistent trend between the caisson tilt angle and the caisson width.
Fig. 4.27 shows the residual pore pressure responses of the 16-m-wide caisson.
The build-up of the residual pore pressure is fairly low although the instantaneous pore
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pressure can be up to 15 kPa. Negative pore water pressures of the 14-m-wide caisson
occurred from the beginning of wave loading, as shown in Fig. 4.28. This might be due
to the occurrence of slip surface and hence lead to shear transfer localized underneath
the caisson base. The decrease in total stress caused the occurrence of negative pore
pressures under the two edges.
4.4.2 Caisson weight
During the construction of caisson breakwater, the caissons will be sunk by inlling
with water and subsequently be placed to the prescribed level. Then the caisson cells
are lled with sand and be placed in a continuous line, resulting in a plane strain loading
condition. There may exist an interval to tow and align the row of caissons before inll-
ing with sand and the caisson breakwater may be in a critical situation when subjected
to breaking wave loads. Hence, test WL5 was conducted on the caisson breakwater
exposed to non-reversal impulsive force without inlling ZnCl2 solution. In this test,
the bearing pressure under the caisson base is 100 kPa, while that of normal caisson is
325 kPa in test WL2.
Fig. 4.29 shows the comparisons of averaged movements of caisson with different
weight. It is noted that the vertical displacement, horizontal movement and tilt angle
greatly increase as the caisson weight becomes lighter. The caisson heel settles by 82
mm and the toe 28 mm with a tilt angle up to 0:26±, which implies that the caisson
may not have enough stability against overturning. Although wave spike occurred in
both tests, the trend is pretty clear. It is in stark contrast to the RD effect, which is
overwhelmed by the irregularities.
Relatively large residual pore pressures develop from the very beginning of wave
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loading and then dissipate to the hydrostatic line, see Fig. 4.30. Therefore, the time
interval between sinking the caisson breakwater to the prescribed water depth and then
ballasting with sand should be as short as possible. Otherwise, extra maintenance work
may need to be done to adjust the caisson movement.
4.4.3 Presence of rock berm
In the present study, only vertical breakwaters without rubble mound foundation are
investigated. In practice, a trench is formed by dredging and removing the soft soil
down to the desired level and replaced by sand. In addition, 150 mm to 325 mm diam-
eter compacted cobbles are placed on the sand around the caisson area. The thickness
of rock berm varies from about 2 m to 8 m depending on the loading and foundation
conditions. The rock berm is intended to support the caisson weight against bearing
capacity failure. Leung et al. (1997) found that placing a layer of rock berm between
the caisson base and sand key will signicantly reduce the horizontal displacement of
the gravity caisson foundation. In view of this, further test was conducted on caisson
breakwater to examine the effect of a 4-m thick rock berm underneath a caisson which
is subjected to breaking wave loads.
The comparisons of averaged movements of caisson breakwater with and without
presence of rock berm are summarized in Fig. 4.29. It seems that presence of rock berm
can greatly suppress the caisson settlement and horizontal movement. The tilt angle is
replotted after removal of sudden movements due to irregularities, as shown in Fig.
4.31. With the presence of rock berm, the tilt angle is reduced. The caisson heel settles
a little in the rst 100 wave cycles and then starts to heave. The caisson toe heaves all
along during wave loading. This is because after inll stage, the void between the rock
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skeletons completely closes. When subjected to wave loading, the rock sill may dilate
due to its large angularity. This is conrmed by the residual pore pressure time history
in Fig. 4.32 and the contour maps of excess pore pressure in Fig. 4.33. In the rst
several wave cycles, negative pore pressure emerges in the rock berm and localized in
the top thin layer of seaward side, while bulbs of positive pore pressures develop in the
landward side. Then the negative pore pressures propagate to the landward side and at
about 5,000 wave cycles, the soil fully dilates. The pore pressure response of the soil
bed is consistent with the caisson settlement response.
4.4.4 Slamming on top slab
The special service loads for vertical breakwater design include permanent loads (dead
weight and reaction of foundation) and variable loads (pulsating and impact loads), see
Fig. 4.34. The most likely mechanism for the generation of large dynamic loads from
the harbor side is the plunge into the harbor of an overtopping wave. Hence, many
breakwaters may experience signicant static and dynamic loading on both seaward
and rear face, and slamming on top slab as well. In test WL1, slamming on the top slab
of caisson was simulated by inlling another appropriate quantity of ZnCl2 of 60 kPa
into the caisson while the caisson is subjected to non-reversal wave loading.
In test WL1, irregular waves were absent in the whole wave loading. Fig. 4.35
shows the averaged caisson movements and pore pressure response plotted against the
number of wave cycles in a semi-log scale. The progressive seaward and landward
settlements of the caisson breakwater increase exponentially from 200 to 800 or so
wave cycles. After 800 wave cycles, there is a sudden increase in caisson settlement
because slamming load is applied to the caisson, as indicated in the large increase in
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caisson pressure in Fig. 4.35(a). Substantial increase in tilt angle due to wave loading
and slamming is found in Fig. 4.36, compared to the tilt angle of caisson subjected only
to wave loading.
Fig. 4.35(c) shows the average pore pressure-log time responses. It is found that the
positive pore pressures reached the peak value in 150 or so wave cycles. After about
1000th wave cycles, the second peak excess pore pressures occurred due to further
inlling of ZnCl2 solution. After this, the positive pore pressures appear to dissipate
gradually and uctuate around the hydrostatic value. The increase in positive excess
pore pressures reduces the effective stress in the oil-saturated sand bed and results in
larger cyclic settlement of the caisson breakwater.
4.4.5 Cyclic preloading
After the wave loading stage in test WL2, the caisson breakwater achieves the new equi-
librium for 10 minutes. Then another 16,000 non-reversal wave cycles with the same
magnitude as in the earlier stage was reapplied onto the caisson breakwater to investi-
gate the inuence of cyclic preloading history on the behavior of caisson breakwater.
Fig. 4.37 shows the averaged caisson movements during wave loading and reload-
ing stages. The effect of irregular wave was again masked by the effect of wave loading
history. No apparent vertical or horizontal displacement occurred in this stage. Sim-
ilar strengthening effect due to the small preshearing was also noted by Lee and Al-
baisa (1974) in their study of cyclic strength of dense sand through the use of cyclic
triaxial test device. Another evidence of increased stiffness in the sand caused by
the small preshearing was provided by Toki and Kitago (1974), who observed an in-
crease in static modulus of loose dry sand that had undergone several hundred cycles of
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small-amplitude vibratory stresses. Ng (1998) concluded that static displacement due
to unloading-reloading below the preload level was observed to be largely elastic and
recoverable, but this does not apply to cyclic settlement. Some rearrangement of sand
particles appeared to have occurred during the reloading cycles in view of the cyclic
settlement observed. However, whether the permanent settlement in this test is due to
plasticity of cyclic loading effect or due to scouring is less certain. The residual pore
pressure responses during wave reloading is shown in Fig. 4.38. Although the move-
ment of caisson breakwater has been signicantly suppressed due to cyclic preloading,
there appears no clear decrease in the magnitude of residual pore pressures.
4.5 Summary
It has been established earlier that the effects of sand RD on the behavior of caisson
breakwater subject to non-reversal breaking waves can be overwhelmed by the effects
due to wave loading prole. In this section, a summary of ndings on the responses of
caisson breakwater subject to non-reversal breaking wave loads with different caisson
congurations and boundary conditions is presented.
1) RD of sand bed
Centrifuge model tests were conducted on caisson breakwater supported on sand
bed with RD ranging from 60% to 80%. During the inlling stage, the caisson
settlement can be reasonably well correlated to the foundation sand RD. However,
during wave loading stage, the build-up of caisson tilt, horizontal and vertical dis-
placements does not appear to exhibit a denite trend of behavior in relation to
the sand RD. In all cases, the build-up of caisson tilt is observed to be dominated
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by instances of sudden wave load intensity increases, the latter varying signi-
cantly from test to test. It is found that the occasional departure of the wave train
from a perfectly regular and non-reversal prole, together with the sensitivity of
the caisson foundation to such irregularities, has led to the effect of sand RD be-
ing overwhelmed by the effects due to wave loading prole. Once such sudden
increases caused by wave irregularities are ignored, a more consistent trend is
obtained between the nal caisson movement and RD of the sand bed.
2) Caisson width
Centrifuge tests were conducted on 14-m, 16-m and 18-m wide caisson breakwa-
ters on sand bed with RD of about 60%. It is noted that the maximum tilt angle for
the 14-m wide caisson is 0:25± and the maximum horizontal caisson movement
is 133 mm. The results imply that a 14-m wide caisson does not have sufcient
safety factor against overturning and sliding failures. Hence, a minimum caisson
width of 16 m is required to achieve the desired safety factor for stability when
the caisson base is at -20 mCD.
3) Caisson weight
Tests were also conducted to evaluate the performance of caissons with different
inll weights. The vertical displacement, horizontal movement and tilt angle of a
caisson are found to greatly increase with decrease in caisson weight. The heel of
an empty caisson settles by 82 mm and the toe by 28 mmwith a tilt angle of 0:26±,
which implies that the caisson does not have enough stability against overturning.
Although wave spikes occur in both tests, the trend of caisson movements is
essentially unaffected. This is in stark contrast to the observations made in the
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sand RD tests, which is overwhelmed by the wave irregularities.
4) Presence of rock berm
The presence of rock sill beneath a caisson breakwater is found to greatly sup-
press the caisson settlement and horizontal movement, despite that the rock sill
has dilated due to its large angularity when subjected to wave loading. The dila-
tion of rock sill is conrmed by the observed residual pore pressure time history
and the contour maps of excess pore pressure.
5) Slamming on top slab
Slamming on top slab of a caisson structure due to overtopping wave may lead
to substantial increase in caisson settlement and tilt angle when a caisson is sub-
jected to breaking wave loads. Moreover, positive pore pressures are found to
develop underneath the caisson base.
6) Cyclic preloading
The benecial effect of cyclic preloading on a caisson may be taken into account
in design as the caisson tilt angle, horizontal and vertical displacements are found
to decrease greatly during wave reloading stage. This is probably due to the






























































































































































































































































































































































































































































































































































































































































































































































































Fig. 4.3 Example of recorded time series of forces acting on Dieppe caisson  



















































































































































































































































































































(e) Average cycles=80 
 
Fig. 4.5 Averaged caisson movement and pore pressure response under different 


























































Fig. 4.7 Illustration of out-of-plane tilting of caisson under 100g 
 













































Fig. 4.8 Tilt angle in the longitudinal and out of plane directions during wave loading 

























































































































(c) Average horizontal movement 
 
Fig. 4.10 Average movements of caisson breakwater on sand bed with different RDi 
 


































































































Fig. 4.13 Residual pore pressure during wave loading in test WL7 with RDi=80% 












































































Fig. 4.14 Caisson movement and pore pressure responses in test WL4 























































































































































































Fig. 4.15 Caisson movement and pore pressure responses in test WL4 
















































































































































































c) Average settlement of gravity centre 
                                   
Fig. 4.16 Comparison of movement of caisson breakwater on sand bed with different 
RDi when neglecting the sudden movements under irregular wave 
















































































































(b) 27th wave cycle 
 
 


































































































(a) 524th wave cycle 
 
 





























































































(b) 6th wave cycle 
 




































































                                            
 
 




















(b) 3716th wave cycles 
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(c) Excess pore pressure versus moment  
 
Fig. 4.21 Caisson responses during wave spike in test WL4 (3720th wave cycle) 
 





























































































































































































(c) Moment versus excess pore pressure  
 
Fig. 4.23 Caisson responses during the reversal phase in test WL4 (1644th wave cycle) 
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(b) Wave loading stage 
 










































































(c) Horizontal movement 























Fig. 4.26 Comparisons of tilt angle of caisson with different widths when neglecting 







































































































































































































































































































(c) Horizontal sliding 
Fig.4.29 Comparison of caisson movements 






































































Fig. 4.31 Comparisons of tilt angle of caisson rest on sand bed with and without 
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 5000th                                                  17000th  
 
 
Fig. 4.33 Contour maps of excess pore pressure of test WL6 with presence of rock 
berm at different wave cycles (unit: kPa) 

























































Fig.4.34 Spatial and temporal pressure distribution of pressure relevant for structural 
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(c) Pore pressure response 
 
 
Fig. 4.35 Overall caisson movements and pore pressure response of test WL1 during 
wave loading and wave overtopping 
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(c) Horizontal movement 
 
Fig. 4.37 Comparisons of movements of caisson breakwater during wave loading and 
reloading in test WL2 (cyclic preload ratio Rc=1) 

























































Reversal Wave Loading Tests
5.1 Introduction
Storm waves often produce a strong push on the caisson breakwater, followed by a
weaker drag phase, as indicated in Fig. 4.3. The drag force is produced by the fact
that as the wave retracts seawards, the sea water level behind the caisson is often higher
than that in front of the caisson. The magnitude of the drag force is usually not more
than half of that of the peak impulsive force. As discussed in the previous chapter, the
occasional appearance of the reversal wave in an otherwise non-reversal wave train
is one of the two reasons which accounted for most of the caisson tilt. Based on this,
one may surmise that a reversal wave train, which has a drag phase in each cycle,
is likely to have a much more serious effect on caisson movement than non-reversal
wave train. This chapter discusses the results of reversal wave loading tests on caisson
breakwater. In these tests, the load-controlled actuator was attached to the caisson face
vide a hinge-and-slider system, see Fig. 5.1. Silicone grease is coated onto the hinge
and slider so that the caisson may move freely in the horizontal, vertical and rotational
directions. The test parameters for the reversal wave tests are summarized in Table
5.1, together with the tilting, vertical and horizontal movement responses after inlling
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stage.
5.2 ReversalWave Loading withMedium Strength from
-2% to 4%
5.2.1 Behavior of caisson breakwater
The instantaneous caisson movement and pore pressure response of test WL16 with
RDi=51% are indicated in Fig. 5.2 for (i) rst 10 wave cycles, (ii) 1000th to 1010th
wave cycles and (iii) 10; 000th to 10; 010th wave cycles. As can be seen, large settle-
ment is induced from the start of the wave loading. The pore pressure responses beneath
the landward and seaward toes of the caisson also show much larger increases than the
non-reversal tests. Much of the increases occur between the second and the sixth
cycles and coincides with the large increase in settlement. This suggests that the settle-
ment is likely to be strongly linked to the excess pore pressure build-up; that would be
consistent with Martin et al. 's (1975) observation that the tendency for volumetric den-
sication in drained test is translated into excess pore pressure build-up in undrained
test. The rate of increase in tilt angle also appears to be larger than that for non-
reversal loading. However, this is difcult to conrm as there is a very strong cyclic
component. Similarly, the trends for rotation and horizontal sliding are also masked by
their respective cyclic components.
Fig. 5.3 shows the smoothed time history obtained by averaging the corresponding
raw time history over 10 cycles. The results show that the movement of the caisson
breakwater may be divided roughly into two stages, which are termed hereafter as set-
tlement and stabilization as shown in Fig. 5.3. The settlement stage takes place within
the rst 5000 cycles. In this stage, the settlement increased signicantly with the num-
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ber of wave cycles and much of settlement occurred in this stage. Caisson tilt also
increased signicantly during this stage. This is consistent with the trend reported by
Silver (1971).
As shown in Fig. 5.3(b), caisson settlement is strongly correlated to RDi, with
the loosest sand bed showing the largest settlement; this is to be expected and indicates
that settlement is connected to densication of the sand bed. All four tests show the
caissons listing seawards at the end of wave loading episode. The caisson tilt is also
well-correlated to the sand RDi. The horizontal caisson movement is also reasonably
well-correlated to RDi except for the model with RDi=51%. This model shows a peak
horizontal movement at the 570th wave cycle, followed by a progressive reduction.
Examination of the data records shows that this is due to the relatively large seaward
tilting offsetting the landward horizontal movement. After about 5000 cycles, there is
little or no further increase in settlement. This is similar to Ng's (1998) observations on
vertical cyclic loading on spudcans.
5.2.2 Positive pore pressure generation and progressive softening
of soil bed
Fig. 5.4 shows the instantaneous pore pressure response of the four tests during the
early part of the wave loading episode. As can be seen, the peak pore pressure is reached
within the rst ve cycles of the loading episode. Thereafter, pore pressure dissipated
relatively quickly. After about 20 cycles, little or no excess pore pressure is detected
in the model. Furthermore, the denser the sand bed, the lower the instantaneous pore
pressure is and the faster it dissipates.
Figs. 5.5 to 5.8 show the contours of excess pore pressure at various stages of the
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test. In all but the densest model (i.e. test WL22), the pore pressure generation process
can be divided into two episodes. An early episode produces the positive excess pore
pressure, as noted in Fig. 5.4. A latter episode produces small negative excess pore
pressure. In the case of the densest model i.e.WL22, the rst episode is absent, this
being attributable directly to the high sand RDi as reected in Fig. 5.4. This suggests
that there may be two different processes. The rst is directly related to the densication
of the sand bed. The second process is less certain and will be examined further below.
In test WL16, which has the lowest RDi, the initial bulb of positive excess pore
pressure appears to be centred around the centreline and mid-depth of the caisson. This
dissipated outwards rapidly until it is virtually completely dissipated after about 700
cycles. After about 1000 cycles, a bulb of negative pore pressure initiates around the
bottom of soil bed. This bulb of negative pore pressure propagated much more slowly
than the initial positive pore pressure bulb. After about 5000 cycles, the negative pore
pressure zone appears to occupy the entire lower portion of the sand bed. It then propa-
gated upwards until it almost reaches the caisson base after about 17000 cycles. Owing
to the scarcity of the pore pressure transducers in the model, it is not entirely certain
if negative pore pressures really cover the entire caisson width. What, however, seems
clear is that the negative pore pressure initiates from the bottom of soil bed and appears
to propagate upwards. This is similar to the phenomenon of soil column under triaxial
shearing. The rocking of caisson may lead to shearing on the soil column under the
caisson base. The loose soil column will be densied initially due to shearing and then
dilated. That is why there is two episodes of pore pressure generation in the centrifuge
test.
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In tests WL18 and WL20, which have RDi of 62% and 71%, respectively, the
positive pore pressure were found to localize under the caisson base from the very
beginning of wave loading. The initiation of negative pore pressure bulb beneath the
landward caisson edge appears to take place at a shallower depth of the sand layer and at
an earlier stage of the cyclic loading episode, compared to test WL16. For test WL18,
it initiates after about 200 cycles. For test WL20, it initiates after about 100 cycles.
Thus, the denser the model, the earlier appears to be the initiation of the negative pore
pressure zone. On the other hand, for the densest sand, i.e. test WL22, which has an
RDi of 83%, the negative pore pressure zone initiates below the seaward edge of the
caisson almost immediately upon commencement of the loading episode.
The negative pore pressure zone may be generated by three possible causes. The
rst is a reduction in total stress due to a drop in overburden pressure. This may occur,
for instance, as a result of the caisson embedding itself into the sand bed and displacing
some sand to the side. As this occurs, the total overburden due to the caisson and sand
will reduce. Pore pressure changes due to this effect are transient and will dissipate once
caisson settlement and tilt stabilize. Furthermore, if this is the cause, the maximum neg-
ative pore pressure should be located just below the caisson base. However, as shown
in Figs. 5.5 to 5.8, the maximum negative pore pressure in all cases occurs at some
distance below the base. The second is an upward movement of the pore pressure trans-
ducers. Under 100g model gravity, all it takes is about 1 mm of upward displacement of
the pore pressure transducers to cause a drop in pore pressure of 1 kPa. It is, however,
unclear, as to how the pore pressure transducer can possibly move upwards through the
sand bed, when the latter is not near to a liqueed state. Any such pore pressure trans-
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ducer movement in the absence of a liquefaction condition will require the entire sand
bed beneath the caisson base to heave upward, which seems rather implausible in view
of the fact that the caisson was settling. The third possibility is dilatancy of the sand
bed. However, pore pressure changes due to dilatancy is transient and the persistence
of negative pore pressure over the entire loading episode implies that there is likely to
be on-going dilatancy which involves a signicant region of the sand bed. This looks
like the most plausible cause. If dilatancy is the real cause, then it would imply that,
for all but the densest models (i.e. WL22), yielding of sand initiates from either the
landward edge or bottom of the caisson and spreads over the entire caisson width. The
initial yielding may not be too dissimilar from the local failure mechanism proposed
by Oumeraci (1994a). The spreading of the plastic zone may be caused by cyclic mo-
bility of the sand under reversal loading conditions, such as that observed by Lee and
Schoeld (1988) for sand embankments and islands.
Figs. 5.9(a) and (b) plot the pore pressure uctuation with moment at the caisson
base during the rst wave cycle in testsWL16 andWL20. The pore pressure versus total
stress response in these reversal tests is almost the same as that in non-reversal tests. In
both cases, there is a distinct hysteresis loop in the excess pore pressure response to the
caisson base moment. However, the loop is not closed in the reversal tests; this being
due to the high residual pore pressure being induced from the rst wave cycle. In both
models, the pore pressure response underneath the seaward edge manifests a larger loop
than that at the landward edge. This is consistent with the higher positive excess pore
pressure beneath the seaward edge and simultaneously the seaward tilt of the caisson.
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5.3 Reversal Wave Loading with Strong Strength from
-7% to 10%
5.3.1 Onset of partial liquefaction of loose sand bed in strong wave
load
Fig. 5.10 shows the response of the caisson and pore pressure in the loose sand bed
under larger impulsive wave loading. In this test, i.e. test WL17, the maximum neg-
ative and positive wave peaks are -7% and 10% respectively. As can be seen, much
of the vertical, horizontal and tilting movements occurred within the rst 30 wave cy-
cles. During this period, there is also substantial build-up of positive pore pressures.
The contour maps of effective stress of soil bed after inlling stage is obtained by the
numerical analysis using the geotechnical software Plaxis as shown in Fig. 5.11. The
map shows that at the same sand depth, large effective stress is localized underneath the
caisson base. Away from the base, the effective stress reduces substantially. Fig. 5.12
shows that the vertical effective stress increase with soil depth. There are spikes on the
two edges of caisson base. The maximum landward and seaward excess pore pressure
developed on the soil surface during wave loading are 80 and 60 kPa respectively at
the 2nd wave cycle, while the vertical effective stresses at the two edges are about 84
and 62 kPa after inlling. Fig. 5.13 shows the variation of excess pore pressure ratio
(dened as excess pore pressure divided by in-situ effective stress at that point) with
depth. Owning to scarcity of PPT, only pore pressure generations at three different
depths of surface, mid-depth and bottom were measured. As can be seen, excess pore
pressure ratio reaches a value of about 1 on the soil surface, indicating that a state of
zero vertical effective stress has been reached at the soil surface. After the centrifuge
test, it is found that the caisson was deeply set into the soil bed, as shown in Fig. 5.14.
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This reveals that the soil down to a depth of about 3m might have reached a state of very
low effective stress level or even experience partial liquefaction in the rst several wave
cycles. However, as shown in Fig. 5.10, the excess pore pressure (in P1) started to drop
almost immediately and hence recovered its shear strength by means of pore pressure
dissipation. In other words, the upper portion of the sand bed had been momentarily
liqueed. This is similar to the ndings by Chen (2003) that the liquefaction of sea bed
is limited to 7.5 m for a sand bed of 12.5 m thick when it is subjected to sinusoidal wave
loading.
The dissipation of pore pressures that follows rst began at the bottom and then
gradually spread towards the soil surface. This is reasonable since the drainage may
occur at the sand bed around the caisson base. The same phenomenon was observed in
earthquakes (Tanaka, 1996) and in the ume test (Sumer et al., 1999). Fig. 5.14 is the
photograph of caisson breakwater taken after test WL17, showing substantial tilting and
settlement of the sand bed. Although tilting occurs in one direction only, observation
of marker beads shows substantial outward movement of the soil beneath the caisson
toe. This is consistent with the partial liquefaction of the upper layer of the sand bed,
leading to settlement and tilt of the caisson.
Although the wave load with the same magnitude applied on the caisson again at
about the 115th wave cycle, the pore pressure build-up is much lower than the previous
maximum pressure, especially at the bottom as shown in Fig. 5.10. No caisson move-
ment was recorded at this moment. This is because after the partial liquefaction, the
ensuring densication of the soil bed actually increases the resistance of the sand bed
to liquefaction. Hence, with less excess pore pressure build-up, liquefaction is unable
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to occur again when the caisson is subjected to wave loadings of the same strength.
5.3.2 RD effect on caisson performance and pore pressure response
Tests WL25 and WL26 were conducted with the same wave loads but on sand bed with
RDi of 67% and 80%. Fig. 5.15 shows the comparisons of average caisson movements
when the caisson rests on three different RDi. As expected, the denser the sand bed,
the less the caisson moves. Furthermore, as shown in Fig. 5.16, excess pore pressure
build-up in these two tests is much lower than the in-situ effective stress, indicating that
liquefaction has not occurred. In particular, there is little excess pore pressure build-up
in test WL26.
Contours of excess pore pressures for tests WL25 and WL26 are indicated in Figs.
5.17 and 5.18, respectively. Again zones of positive excess pore pressure developed
underneath the caisson base from the beginning of the wave loading episode in both
tests. Zones of small negative pore pressure also developed in the latter stages of the
test, after the rst few hundred cycles of loading. For test WL25, the zone initiated from
the landward side of the caisson at the lower part of the sand bed. For test WL26, the
zone initiated from the seaward side of the caisson. This is similar to the observation in
the non-reversal tests, where zones of dilation initiated from the landward edge of the
caisson in most cases, but from the seaward edge of the caisson in the densest model,
i.e. test WL7.
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5.4 Reversal Wave Loading with Very Strong Strength
from -10% to 10%
Fig. 5.19 shows the initial caisson and excess pore pressure responses for test WL23,
which involves even large peak wave loading on the caisson breakwater resting on very
dense sand with RDi=82%. As can be seen, the response of caisson behavior to the
stronger wave is fairly distinctive. Firstly, although very strong wave was applied on
the caisson breakwater, liquefaction did not occur in the soil bed. Secondly, the caisson
movement has not been suppressed because of very high sand RDi of soil bed. Instead,
densication of sand bed, seaward tilting and sliding occurred from the very beginning
of wave loading. The average caisson movements indicated in Fig. 5.20 shows seaward
horizontal movement at the point of measurement, the nal movement being about 136
mm in prototype scale. Although the caisson breakwater rested on sand bed with almost
the same density, the caisson response is very different in test WL7 with non-reversal
wave loading of strength from 0% to 6%, or test WL22 with reversal wave loading of
strength from -2% to 4%, or test WL26 with reversal wave loading of strength from
-7% to 10%. The fact that the caisson tilted seaward indicates that a possible cause is
the magnitude of the drag force.
Positive pore pressures were recorded by all PPTs from the rst wave cycle. They
reached a peak value at the 20th wave cycle, as indicated in Fig. 5.21. There appears
to be two phases of negative pore pressure generation, one commenced at about the
150th cycle and the other at about the 5000th cycle. This appears to coincide with the
rise in the rate of horizontal movement in Fig. 5.20 (a). Fig. 5.22 shows the contour of
excess pore pressure in test WL23 with RDi=82%. As discussed before, the horizontal,
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vertical and tilt caisson movements will increase with number of wave cycles, but their
increment will decrease with increasing number of wave cycles. However, although the
horizontal increment decreases in the rst 4,500 wave cycles, it unexpectedly increases
from 4,500 to 5,000 wave cycles and then slows down again, as shown in Fig. 5.20(a).
When the load episodes between this period is checked in Fig. 5.23(a), it is found
that the deviation is caused by the inconsistency in wave strength which may arise
from a fault in the servo-electric controller. Although it may affect the rate of build-up
of horizontal movement, it should not affect the nal movement as wave magnitude
subsequently recovered, and the caisson movement has ceased for several thousands of
load cycles towards the end of loading episodes.
5.5 Discussions
5.5.1 Effect of wave strength in reversal wave loading
The centrifuge model test data discussed sheds lights on the manner in which wave
strength may affect the different aspects of behavior of caisson breakwater, pore pres-
sure generation, progressive softening and partial liquefaction. Even for wave load with
relatively low peak force, caisson breakwater resting on loose sand bed may experience
signicant pore pressure generation, with consequent accumulation of tilt and move-
ment. For larger wave load, the effects are accentuated and excess pore pressure in
the upper sand layers may reach levels approaching liquefaction. Caisson tilt may also
increase considerably to values which may be sufcient to render the caisson unservice-
able. The likelihood of large pore pressure build-up and liquefaction can be diminished
by increasing the RDi of sand bed. At RDi of about 80% or higher, very little excess
pore pressure is generated, and one may surmise that the likelihood of liquefaction-type
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failure has been reduced to a sufciently low level. If the drag phase is sufciently high,
seaward sliding failure may occur even in very dense sand.
In general, positive pore pressures usually develop in the initial stage of loading,
often within the rst 50 wave cycles. Then zones of negative pore pressure will initiate
from either the bottom of soil bed, seaward or landward caisson edge. For sand with
very low RDi, these negative pore pressure zones tend to develop upwards. For sand
with medium RDi, negative pore pressure zones initiate from the landward edge. How-
ever, for very dense sand models, the negative pore pressure zones tend to initiate from
the seaward edge.
5.5.2 Effect of non-reversal and reversal wave loading
The movement of caisson breakwater in reversal tests is signicantly larger compared
with that in non-reversal tests on sand beds with similar RDi. The same can be said
of the wave-induced excess pore pressures of the sand bed. Backward tilting towards
the wave load direction occurred in all tests subjected to reversal wave loading. This
is consistent with the ndings by Rowe (1981) that the model caisson on undensied
sand tilt back towards the applied loads when it is subjected to cyclic horizontal wave
parcels. The RDi of sand bed is the key factor in the reversal wave loading tests; it
has a dominant inuence on both the movement of caisson breakwater and the pore
pressure build-up. Progressive softening becomes signicant for reversal wave loading
with positive pore pressure build-up in the rst several wave cycles. In the actual pro-
totype situations, the rock berm is always placed beneath the caisson base acting as the
drainage path such that the pore pressure build-up is suppressed. On the other hand, in
non-reversal tests, caisson movement is much more moderated and appears to depend
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signicantly on irregularities in the wave loading prole, such as spikes and accidental
reversals.
The above ndings indicate that experiments with non-reversal loadings may not
adequately elucidate caisson response to real wave loading, which is likely to have a
drag phase. Reversal wave loadings leads to much large pore pressure and caisson






























































































































































































































































































































































































































































































































































































































































































































































                                      
 
 
(c) Horizontal movement 
Fig. 5.3 Averaged movements of caisson breakwater on different initial RD of sand 
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(b) WL20 (RDi=71%) 
 
Fig. 5.9 Pore pressures response with moment of caisson base during the first wave 




















































































































Fig. 5.10 Instantaneous caisson movements and pore pressure response in strong wave 










































































































































































































































































































































(c) Horizontal movement 
 
 
Fig. 5.15 Averaged movements of caisson breakwater on different RDi of sand bed in 
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Fig. 5.16 Instantaneous pore pressures in sand bed of different RDi in reversal tests 

















































































10000                                                                       16000 
 






































       


































































































































































































































Fig. 5.19 Instantaneous caisson movements and pore pressure response in very strong 








































(b) Tilt angle 
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 Fig. 5.23 Horizontal movement and pore pressure response from 4,500 to 5,000 
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Chapter 6
Dynamic Analysis of Caisson Tilt
during Wave Spikes
6.1 Introduction
The results from the non-reversal wave loading tests show that most of the caisson
movements were induced by either wave spikes or suction waves. The wave spikes
result in overloading of the bearing capacity of the caisson foundation, while generation
of excess pore pressure is minimal. The results reveal that even the dense sand bed
can be adversely affected by a wave spike of sufcient magnitude. The mechanism
for suction waves could not be clearly discerned from non-reversal tests; however, it
is clearly related to the reversal phase of the wave. Reversal loading tests indicate
signicant excess pore pressure build-up in the early stages of the loading episode,
which suggests that a densication mechanism is involved. This is supported by the
fact that very dense sand beds (i.e. test WL22 with RD = 85% and test WL26 with RD
= 80%) do not seem to be seriously affected by reversal wave loadings.
The two different mechanisms associated with wave spikes and reversal wave load-
ing have to be addressed separately in design. For the case of reversal wave loading,
the results suggest that densication of sand bed is a possible solution. Since the num-
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ber of cycles involved in wave loading is generally very large, any sand bed which has
a potential to densify is likely to build up substantial pore pressure. This is very dif-
ferent from earthquake loading which consists of much fewer cycles. In view of this,
a liquefaction analysis may be of dubious benet. On the other hand, some form of
dynamic analysis may well be viable for the wave spike. In this chapter, a simplied
dynamic limit equilibrium analysis is proposed for analyzing the tilt mechanism asso-
ciated with wave spikes. The tilt mechanism is chosen because tilting was observed to
be a dominant failure mechanism in the centrifuge tests.
6.2 Previous Analytical Studies on Caisson Tilt under
Wave Loading
Some of the previous analytical studies have been discussed in Chapter 2. These include
studies of bearing capacity and overturning of caisson by Terashi and Kitazume (1987),
Kobayashi et al. (1987a), Sekiguchi and Ohmaki (1992), and Sekiguchi and Kobayashi
(1994), among others. Sekiguchi and Kobayashi (1994) proposed an overload factor
beyond which a given caisson may be overturned, but the specic caisson movement
was not obtained. Furthermore, the dynamic response of caisson breakwater has been
idealized by a system of mass and spring for horizontal and rotational motions (Goda
1994; Oumeraci et al. 1994; Gao et al. 1988). Nonetheless, only elastic motions were
calculated and the selection of spring constants was not apparent. A realistic analysis of
caisson motion and seabed response may be modeled using Biot consolidation theory
(Tsai et al. 1990; McDougal et al. 1986) where the soil stresses, the surface displace-
ment and pore water pressures are modeled realistically. Such a procedure, because of
its complex and arbitrary assumptions, is not considered a practical design method.
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The analytical model discussed herein takes its direction from the ndings of the
centrifuge model studies. The results of the studies show that tilt may be induced by
reversal loading as well as spikes. As Chapter 5 shows, the effects of reversal loading
are probably best forestalled by densifying the sand bed to suppress the build-up of ex-
cess pore pressure and possible liquefaction. However, as Chapter 4 shows, the effects
of wave spikes are largely unaffected by the densication of sand bed, so that even a
caisson resting on a dense sand bed with RD=72% can be tilted by a wave spike (refer
to results of test WL4). The discussion also indicates that the occurrence of tilt during
wave spikes have features of a plastic mechanism.
Oscillatory motions of rocking and swaying as well as permanent tilt and sliding
may be induced by impulsive wave loading, as shown in Fig. 6.1. In this Chapter, a
simplied dynamic analysis for caisson breakwaters is proposed based on the concepts
of elasto-plasticity. The elastic portion denes the transient but recoverable part of
the tilt and is based on the solution of a simplied lumped-mass-spring foundation
model. The plastic portion denes the irrecoverable part of the tile and is based on the
partial optimization of a slip surface which is assumed to take the form of a circular
arc. The general procedure for the plasticity calculations is rstly to assume a failure
mechanism based on a circular arc slip plane and then to optimize the objective function
with respect to a few parameters. In this way, a lower bound of the limit equilibrium
load can be found. Based on Mohr-Coulomb model, the limiting shear force underneath
the caisson base is dened assuming the slip soil model of circular arc by taking both
sliding and rotating into account. The additional, i.e. out-of-balance, shear force is
then fed into an equation of motion involving the rotational inertia of the caisson. The
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magnitude of rotational displacement is obtained by double integrating this equation
of motion. Then the proposed design approach is calibrated using centrifuge model
test results. A preliminary assessment of the reliability of the method is conducted
by comparing its predictions with the observations from a eld case (Sekiguchi 1992).
Finally parametric studies have been done to investigate the inuence of various wave
height, wave period, water depth, caisson effective weight, caisson width and angle of
shear resistance of rubble mound. The elastic model will be dealt with rst in the next
section.
6.3 A Mass-Spring Model for Oscillatory Displacement
A simple mass-spring model of a vertical breakwater of height H, width B and length Lc
will be considered to calculate the elastic behavior when it is exposed to breaking wave
loads, as indicated in Fig. 6.2. The mass-spring model has two degrees of freedoms for
wave loading stage and only the elastic displacements are accounted in this part. Richart
et al. (1970) expressed the motion of rigid body in terms of the horizontal translation
of the centre of gravity (CG) and the rotation of the body about the CG. This appears to
correspond well with the centrifuge test observations that the caisson is found to rock
about the point very close to the CG. The equations of vertical motion during inlling
stage is sketched in Fig. 6.3(a) and given as:
mtot;verÄx1 = ¡k1x1 + F1 (6.1)
During wave loading stage, the equations of the horizontal and rotational motion
of the system sketched in Fig. 6.3(b) are as follows:
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mtot;horÄx2 = ¡k2x2 + H
2






)2k2x3 ¡ k3x3 + F2(A¡ H
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) (6.3)

































x1 = Vertical translation,
x2 = Horizontal translation,
x3 = Rotational translation,
F1 = Vertical load of inlling material,
F2 = Horizontal wave loading,
k1 , k2 and k3 = Stiffness of the foundation in vertical, horizontal and rotational direc-
tion, respectively,
mtot;ver = Total vetical caisson mass,
mtot;hor = Total horizontal caisson mass,
µtot = Total caisson mass moment of inertia,
H = Caisson height, and
A = Vertical distance from the elevation of wave load application to the caisson base.
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6.4 Structure and Foundation Parameters of Caisson
Breakwater
6.4.1 Mass
The total mass mtot that should be taken into account is the mass of the caisson break-
water itselfmcai , the added hydraulic massmhyd and the added mass of soilmgeo .
mtot = mcai +mhyd +mgeo (6.5)
When the caisson is subjected to wave impact loads, a certain mass of water is forced to
move with the structure. This added mass of water is called hydro-dynamic mass. The
hydro-dynamic mass can move in the horizontal or vertical direction. Pendulum tests
on a caisson have been conducted for different water depths by Oumeraci et al. (1992)
and the horizontal hydro-dynamic mass accounting for the water in front of and behind




½w = Density of sea water (=1025 kg=m3),
d = Depth of water, and
Lc = Length of caisson.
The hydro-dynamic mass for vertical motion is:
mhyd;vert = 0 (6.7)
Similarly, a certain mass of soil beneath the structure is forced to move with the
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latter, this added mass of soil is called geo-dynamic mass. Vink (1997) assumed the
geo-dynamic mass to be the same for both horizontal and vertical oscillations. He
considered that this assumption will not signicantly inuence the results of the calcu-
lations because wave impact usually results predominantly in horizontal and rotational
oscillations with essentially no vertical oscillations. The geodynamic mass can be esti-
mated using the relationship (MAST II 1995):








where ½s = Mass density of foundation soil,
º = Poisson's ratio, and
B = Width of caisson.
The total mass for vertical oscillationsmtot;vert is:
mtot;vert = mcai +mgeo;vert (6.9)
The total mass for horizontal oscillationsmtot;hor is:
mtot;hor = mcai +mhyd;hor +mgeo;hor (6.10)
6.4.2 Mass moment of inertia
To determine the mass moment of inertia µtot, the same procedure can be followed as
for the determination of the mass of vertical breakwater (Vink, 1997).
µtot = µcai + µhyd + µgeo (6.11)






It is assumed that the mass of caisson is equally distributed over its length, height and
width. The center of gravity is assumed to be at the center of the cross section as shown
in Fig. 6.2. Vink (1997) found that a good approximation of the magnitude of µtot
can be found by neglecting µhyd and µgeo and using mtot;hor instead of mcai in equation
(6.12).
6.4.3 Stiffness of spring
The shear and elastic moduli of the soil must be known to determine the stiffness of the
springs k1, k2 and k3. Richart et al. (1970) proposed that for angular-grained materials










where ¹¾0 = average effective conning pressure. BothGs and ¹¾0 are expressed in lb/in2.
Pedersen (1994) adopted Richart et al. (1970) but appeared to have set the repre-





It should be noted that the value of the representative pressure ¾0 is a complex one
and it depends on the lateral earth coefcient k0 and the representative point at which
Gs is measured. However, there is no easy answer to such questions. It is beyond the
scope of the study.
Chapter 6. Dynamic Analysis of Caisson Tilt during Wave Spikes 181
Fn = W ¡ Fb ¡ Fu (6.15)
In which,
Fn = Normal force,
W = Caisson weight,
Fb = Caisson buoyancy,
Fu = Uplift force,
Bbase = Caisson base width, and
Lc = Caisson length.
A common way to represent the horizontal stiffness of the ground k2 and the rock-
ing stiffness k3 is to use Whitman and Richart's (1967) formulae, which were








In which ¯x and ¯Ã are given values for various values of Bbase=Lc . The Whitman
and Richart's (1967) relation for horizontal stiffness was adapted and simplied from
Barkan's (1962) relations, assuming that there is a linear relationship between the slid-
ing of a foundation and the average shearing sliding stress developed along the foun-
dation base contact area. The Barkan's relations (1962) for horizontal motion of a
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In which A is the caisson base area and k¿ is a given value depending not only on
the ratio of caisson base width to length, but also on the value of Possion's ratio. It
should be noted that the stiffness values derived by Barkan (1962) refers to the quasi-
static stiffness rather than dynamic or wave propagation. However, as Lysmer (1966)
showed, by judicious selection of an appropriate mass and damping term to match the
quasi-static stiffness, a reasonable solution to the motion of a foundation subjected to
dynamic loading can be found. From the viewpoint of caisson analysis, this is unlikely
to pose any problem since the frequency of wave loading on a caisson is often lower
than its natural frequency.
On the other hand, Whitman and Richart's (1967) relation for rocking stiffness









In which M is the external moment producing rotation of base of foundation, ' is the
angle of rotation,K1 is a factor changing with the ratio of length to width of rectangular












Equation (6.20) is valid for small angle of rotation as tan' is assumed to '. As can be
seen, Whitman and Richart (1967) and Richart (1970) simplied both relations by intro-
ducing the given values ¯x and ¯Ã. When calculating dynamic response of breakwaters,
Vink (1997) and Goda (1994) acknowledged that their relations for spring stiffness were
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also approximated from Richart et al. (1970). Barkan's (1962), Gorbunov-Passadov
and Serebrajanyi 's (1961), and therefore Richart et al. 's (1970) relations apply only to
rectangular foundation. However, caisson breakwaters are more commonly constructed
in a row and therefore should be represented by a plane strain condition. In the cen-
trifuge model, the caisson was also in a plane strain condition. Vink (1997) appeared
to have obtained the approximation by assuming a caisson length-width ratio of 10 : 1.
However, closer examination of Barkan's (1962) formula shows that k¿ does not tend
towards constant values as the length:width ratio tends to innity, as shown in Table
6.1. Hence, to implicitly assume a length:width ratio of 10 : 1 as approximately rep-
resentative of plane strain condition is incorrect. Furthermore, Whitman and Richart's
(1967) relation suggested that the stiffness increases with the square root of area. In
a plane strain case, this is synonymous to implying that the stiffness increases with
the square root of the caisson length, rather than the length itself, which is evidently
counter-intuitive. The reason why this is so is because part of the effect arising from an
increase length is captured by the ¯ coefcients, which, as indicated above, do not tend
to constant values as the length-width ratio tends to innity.
It is proposed herein that a signicantly better approach to the caisson problem is to
use the solution of a rough strip footing on a nite layer. This approximates the scenario
in the centrifuge model much better than a rectangular footing on an innite half space.
The problem of a rough strip, on a nite layer underlain by a rough rigid base, and
subject to inclined eccentric loading, has been studied by Milovic et al. (1970) using a
quasi-static nite element analysis, as seen in Fig. 6.4. Hence, the spring constant for
horizontal motion k2 was estimated using Milovic et al. (1970) relationship:








In which P is the average shearing force in the soil at the place of contact with the
foundation, ½x is the elastic part of the total horizontal sliding of the foundation base








In Equations (6.21) and (6.22), !cm and ¹0 are the coefcients determined by Poisson's
ratio and ratio of sand key thickness over caisson width. Equation (6.22) is valid for
small angle of rotation.
6.5 Elastic Displacements of Caisson Breakwater
Equations (6.1) and (6.4) can be solved numerically by means of a direct time integra-
tion approach. In this study, the average acceleration method proposed by Newmark
(1959) is used. Newmark's (1959) time integration method involves expressing the
nite difference form as follow:
[M ] fÄug+ [C] f _ug+ [K] fug = fF ag (6.23)
where
[M ] = Structural mass matrix,
[C] = Structural damping matrix,
[K] = Structural stiffness matrix,
Äu = Nodal acceleration vector,
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_u = Nodal velocity vector,
u = Nodal displacement vector, and
F a = Applied load vector.
The Newmark method uses nite difference expansions in the time interval ¢t, in
which it is assumed that:
f _un+1g = f _ung+ [(1¡ ±) fÄung+ ± fÄun+1g] ¢t (6.24)









®, ± = Newmark integration parameters,
¢t = tn+1 ¡ tn,
un = Nodal displacement vector at time tn,
_un = Nodal velocity vector at time tn,
Äun = Nodal acceleration vector at time tn,
un+1 = Nodal displacement vector at time tn+1,
_un+1 = Nodal velocity vector at time tn+1, and
Äun+1 = Nodal acceleration vector at time tn+1.
The solution for the displacement at time tn+1 is obtained by rst rearranging Equation
(6.24) and (6.25), such that:
fÄun+1g = a0 ffun+1g ¡ fungg ¡ a2 f _ung ¡ a3 fÄung (6.26)
f _un+1g = f _ung+ a6 fÄung + a7 fÄun+1g (6.27)





























a6 = ¢t(1¡ ±), and
a7 = ±¢t.
By substituting Äun+1 in Equation (6.26) into Equation (6.27), the equations for
fÄun+1g and f _un+1g can be expressed in terms of the only unknown un+1. The equations
are then combined with Equation (6.23) to form:
(a0 [M ] + a1 [C] + [K]) fun+1g = fF ag+ [M ] fa0 fung+ a2 f _ung+ a3 fÄungg
+ [C] fa1 fung+ a4 f _ung+ a5 fÄungg (6.28)
Once a solution is obtained for un+1, velocity and accelerations are updated as de-
scribed in Equations (6.26) and (6.27). The above equations are unconditionally stable
when ® = 1
4
and ± = 1
2
, which is called the implicit average acceleration method. Fig.
6.5 shows a comparison between centrifuge and numerical results. The centrifuge test
data are taken from a regular, non-reversal wave parcel from test WL4. The parameters
used in the numerical model are shown in Table 6.2. As can be seen, during the wave
loading stage, a reasonably good agreement was obtained between the magnitude of
computed and measured caisson horizontal and tilt responses. However, the computed
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response seems to be better correlated with the wave loading than the measured results.
This is reasonable since the actual caisson response in the centrifuge tests may be inu-
enced by other factors, such as cyclic degradation, wave actuator-caisson interaction or
caisson-soil interaction, which are neglected in the analysis.
6.6 AnAnalyticalModel with Coupled Rocking and Slid-
ing for Permanent Displacement
According to Shimosako et al. (1994) and Ling et al. (1999), sliding of caisson break-
water will initiate when the dened yield wave coefcient for sliding is reached. In the
present centrifuge tests, the peak wave coefcient, even for the wave spikes, is typically
only aboutCh;s = 0.4 which is much smaller than the yield wave coefcient Chy;s of 0.6.
It means that pure sliding may not be initiated by the wave impact in the experiments.
Notwithstanding this, however, the centrifuge test data show horizontal movement man-
ifested almost immediately on the application of wave loads. This may be explained by
the hypothesis that the horizontal movement is the result of caisson tilt rather than slid-
ing. Furthermore, as mentioned in Chapter 4, Richart et al. (1970) considered that if the
horizontal translation of the CG and the rotation of the body about the CG are in phase,
superposition of both forces the centre of rotation to lie below the footing base. For
these reasons, an analytical model with coupled rocking and horizontal displacement is
developed to compute the permanent displacements.
6.6.1 Denition of soil limiting shear stress
The assumed failure mechanism consists of a circular slip plane beneath the caisson
base, as shown in Fig. 6.6. In the quasi-static state, the elastic vertical, horizontal and
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xz;p can be obtained using












sin® sin(®+ 2±) (6.31)
In which p0 is the effective overburden pressure and is obtained by dividing the caisson's
weight by the total caisson base area. This implicitly assumes that the caisson's weight
is uniformly distributed over the base, which is unlikely to be exactly correct. The
caisson is often much stiffer than the soil and there is likely to be concentration of
stress around the toe and heel of the caisson. If the soil is perfectly elastic, the stress
concentration will cause the stresses at the two locations to be innite, which is clearly
unrealistic. In reality, some yielding will occur at these locations to mitigate the stress
concentration. For this reason, the actual stress distribution is likely to be quite complex
and may not be readily represented by closed-form relations. As such, it is felt that,
while the assumption of uniform distribution may not be entirely correct, it does have
the advantage of simplicity.
The effective vertical and horizontal stresses of soil due to soil self-weight, ¾z;w0
and ¾x;w0 are:
¾z;w0 = °
0(D + r sin x) (6.32)
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¾x;w0 = K0°
0(D + r sin x) (6.33)
Where °0 is the effective unit weight of submerged soil, p0 is the effective pressure of
caisson base, ® is the angle from chord AB to chord AC, ± is the angle from vertical axis
to chord AB and is positive anti-clockwise, r is the radius of the circular slip plane, D
is the perpendicular distance from the center of the circular slip plane O to the caisson
base, x is the angle from x axis to line OA, and point A is a general point on the circular
slip plane. The lateral earth coefcient at rest K0 is dened as:
K0 =
º 0
1¡ º 0 (6.34)
In which º 0 is the effective Poisson ratio of soil. Superposition of the stresses aris-
ing from the caisson's weight and the selfweight of the soil leads to the total vertical,















¿ 0xz = ¿
0
xz;p (6.37)
As indicated in Fig. 6.6, the slip zone is limited to the region within the circular
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in which ¯ is the angle subtended by lines OB and OF, S is the length of line segment




¡ ¯) and Bbase=22 m.
The stress state at point A in Fig. 6.6 can be represented by Fig. 6.7. In Fig . 6.7,
A represents the pole of Mohr Circle and A' represents the stress on the tangent to the
slip plane at location A in Fig. 6.6. Thus in Fig. 6.7, ¿0 and ¾00 are the effective shear
and normal stresses acting on the potential slip plane at location A, under the action of
caisson's weight and the self-weight of soil.
In this study, the sand is assumed to be undrained for the duration of wave spike.
During undrained loading, the effective stress ¾00 is constant while the shear stress ¿ in-
creases from its original value until it reaches a value determined by the Mohr-Coulomb
failure envelope. Thus, the maximum shear stress increment ¿lim which the wave load-




0 ¡ ¿0 (6.42)
In which Á0 is the angle of friction and c0, the effective cohesion, is assumed to be
zero. The convention for normal and shear stresses assumed herein is compression and
counter-clockwise positive.
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The other equations relating to the properties of a Mohr's Circle are as follows:






)2 + ¿ 2xz (6.43)







The effective stress ¾00 acting on the potential slip surface at location A is given by
¾00 = ¾
0
r +R sin µ (6.45)
The shear stress ¿0 acting on the potential slip surface at location A is given by















The maximum shear stress T which the wave loading can impose onto the potential slip
surface is given by








Since ¿0 and ¾0 vary along the slip surface as well as ¿lim, Simpson's rule is used
to evaluate the integral (Penny and Lindeld, 2000). Fig. 6.8 shows the value of T at
different combinations of S and D. As expected, T increases with increase in S and D.
6.6.2 Selection of S and D for constrained optimization of the slip
surface
The centrifuge test data show that the centre of rotation for the tilting mechanism ap-
pears to fall on the landward side of the centreline. After the non-reversal loading tests,
the soil outside the loading area is found to be relatively uninvolved and there is prac-
tically no movement of the soil on the sides of the caisson. This would imply that the
slip soil mass emerges at the ground surface beneath the caisson base. This means that





The depth of the container in centrifuge tests is 15 m, and kinematic consideration
dictates that one end of the slip surface should pass through the landward edge of the
caisson. This means that
D + r = D +
p
D2 + S2 · 15m (6.52)
Following Equation (6.52), the maximum value of D is reached with S = 0, i.e.
Dmax = 7:5m (6.53)
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Hence 0 · S · 11m and 0 · D · 7:5m.
Equation (6.52) indicates that the maximum value of S is reached whenD = 0 and
its value is Smax = 15m, which is larger than that indicated by centrifuge test data. The
geometry and nomenclature of kinematical rotation and slide of soil mass are shown in












in which Flim is the horizontal wave force which just overcomes the self-weight of
caisson and the shear resistance along the prescribed slip surface, andW 0 is the effective
caisson weight. The most critical situation is the combination of D and S, which results














The value of Flim corresponds to different combinations of S and D with an increasing
step of 0.1 respectively. Fig. 6.10 shows the variation of Flim with S andD. It is evident
that when S and D are large, Flim is also large owing to the large shear resistance along
the long slip surface. When S and D are small, Flim is not at a minimum because
the submerged weight of the caisson is fully mobilized to resist the wave force. The
minimum value of Flim, i.e. Flim;min, is reached when S = 4:7m and D = 1:2m. For
this set of S and D, the parameters for calculating the maximum shear stress T are
shown in Table 6.3.
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6.6.3 Permanent tilt of caisson subjected to a single wave
When the wave force exceeds Flim;min, the equation of motion of the caisson can be
written as












sin(³ ¡ Ã) (6.56)
in which µtot is the total caisson mass moment of inertia, and Ã is the tilt angle.
or





























When a caisson tilts by an amount less than ³ , the caisson does not failure. However,
if a caisson tilts by an amount equal to or larger than ³ , the center of gravity of caisson
aligns outside the point of rotation, thereby rendering it unstable. Therefore, the second
scenario is not necessary for the present study. In arriving at Equation (6.57), the cais-
son is considered as a rigid body with its damping and stiffness properties neglected.
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Two methods were used to solve Equation (6.57). One is through an explicit approach
while another is resorted to numerical method after doing an assumption.
Method 1
Equation (6.57) can be time-integrated using an explicit approach by writing
ÄÃt = Cm;t ¡ Cw sin(³ ¡ Ãt) (6.61)
in which the subscript t denotes values of variables at time t. The tilt Ãt+¢t can then be
evaluated using the relationship:
ÄÃt =
Ãt+¢t ¡ 2Ãt + Ãt¡¢t
¢t2
(6.62)
Once combined with Equation (6.57), Equation 6.62) can be written as
Ãt+¢t = 2Ãt ¡ Ãt¡¢t +¢t2[Cm;t ¡ Cw sin(³ ¡ Ãt)] (6.63)
Which allows Ãt+¢t to be evaluated.
Method 2
Equation (6.57) can also be re-written for t+¢t as
ÄÃt+¢t = Cm;t+¢t ¡ Cw sin ³ cosÃt+¢t + Cw cos ³ sinÃt+¢t (6.64)
If Ãt+¢t is small, then Equation (6.64) can be approximated by
ÄÃt+¢t = Cm;t+¢t ¡ Cw sin ³ + Cw cos ³ £ Ãt+¢t (6.65)
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Since Cwsin³ is constant, Equation (6.65) now has the form of a standard equation of
motion and can be integrated by a variety of time-integration methods. In this study,
Equation (6.65) is integrated using the Runge-Kutta fourth-order method, as this has a
high convergence rate. Even so, it is found that the centrifuge time step is too coarse for
the numerical calculation, as the sample rate of measurement is 300 Hz per instrument.
Hence, a polynomial t of Cm is used to interpolate between successive time steps and
provide sub-steps for the numerical calculation, as seen in Fig. 6.11.
Assume that f(t,y) is continuous and consider the initial value problem:
y0 = f(t; y) (6.66)
In which y(a) = t0 = ®, over the interval a · t · b.
The Runge-Kutta method uses the formulas tk+1 = tk + h, and
yj+1 = yj +
1
6
(k1 + 2k2 + 2k3 + k4) (6.67)
k1 = hf(tj; yj) (6.68)














k4 = hf(tj + h; yj + k3) (6.71)
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6.6.4 Validation of analytical solution with centrifuge tests
The normalized wave coefcient and the resultant plastic tilt angles using the above
methods are shown in Fig. 6.12. It is found that the velocity and tilt angle calculated by
the explicit approach are a little smaller than those calculated by the numerical method,
which is due to the approximation made in the numerical method. Since the numerical
method will always give a conservative tilt angle, this method is used in the follow-
ing calculations. For this particular wave spike occurring in test WL4, the horizontal
wave force increases to a peak value, leading to the positive yield coefcient. It has a
short duration, for about 1s in prototype terms, during which the permanent tilt occurs.
The velocity of the caisson also arrives at a peak value and then reduces to zero. The
permanent tilt angle per wave cycle is calculated as 5:2 £ 10¡4 rad for this particular
example.
Fig. 6.13 compares the measured tilt from the centrifuge test and the computed tilt.
The computation superimposes both the elastic and plastic caisson responses. The hori-
zontal movement in Fig. 6.13 refers to the displacement at the location of displacement
transducer H1. As can be seen, the tilt and horizontal displacement are well predicted
by the analytical model, especially the build-up of the permanent tilt. Both the cen-
trifuge data and computed tilt shows that, after the caisson tilt reaches a peak value, it
rebounds a little because of the elastic displacement. Oumeraci (1995) noted that under
the impact and cyclic wave loads, the seabed soil may experience large unacceptable
permanent displacements due to two possible reasons: one is the residual pore pressures
developed in the subsoil and another is the exceedance of admissible strength. The anal-
ysis does not take into account pore pressure generation. The fact that its results agree
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reasonably well with the measured data is further support of the earlier suggestion that,
in wave spikes events, exceedence of shear resistance is the mechanism causing the
observed permanent deformation.
Fig. 6.14 shows that tilting of the caisson will also lead to horizontal movement
H1 at the horizontal LVDT location, which is given by
H1 = (A+D)Ã (6.72)
or
D = H1=Ã ¡ A (6.73)
where Ã is the tilt angle. Equation (6.72) appears to ignore the possibility of a pure
horizontal translational mode of displacement of the caisson. However, this is not en-
tirely so because if the caisson merely displaces horizontally without tilting, then D =
1. In a situation where there are both horizontal displacement and tilting, then it is
more difcult to isolate the individual components. Notwithstanding this, the value of
D calculated from Equation (6.73) represents an effective value of D encompassing both
horizontal displacement and tilting. It should also be noted that horizontal displacement
is used herein in preference to the term 'sliding', since the latter may be interpreted to
imply a relative motion at the caisson-sandbed interface, which is difcult to verify.
From Equation (6.73),D can be readily obtained from centrifuge test asH1, Ã and
A are already known. Fig. 6.15 shows the plot of horizontal movement versus tilt angle
during the same time series of 15350-15380 s in centrifuge. The plot shows that the
gradient of horizontal movement and tilt angle, which is equal to A + D, increases as
the tilt angle increases, thereby indicating a lowering of the equivalent centre of rotation
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as the wave load increases to the peak and thereafter. It is about 22.38 m just after the
peak of the wave spike. The vertical offset A from the LVDT H1 to the caisson base is
21 m. Thus, D is 1.38 m in centrifuge test. In other words, just after the wave peak has
passed, the equivalent centre of rotation is located about 1.4 m beneath the caisson base.
Fig. 6.15 also reveals that in the early stages of wave loading, the equivalent centre of
rotation is located above the caisson base. This has been discussed in Chapter 4 and
is attributable to the added inertial from water on both sides of the caisson. From the
analytical model, the minimum wave force needed to initiate soil slippage is reached
when S = 4.7 m and D = 1.2 m. Thus, the value of D computed by the analytical model
with coupled rocking and sliding is in agreement with that from the centrifuge data after
the wave peak has passed, but not before. This is probably because the analytical model
does not account for the added inertial in a sufciently accurate manner.
Fig. 6.16 compares the horizontal caisson displacement and tilt movements in the
same centrifuge test between 80870-80900s after commencement of wave loading. As
can be seen, reasonably good agreement was obtained between computed and measured
tilt angle. However, the computed results appear to show a larger elastic recovery of
horizontal displacement than the centrifuge data would suggest. The reason for this is
not clear but this may be due to changes in elastic properties in the sand bed during the
course of the wave spike.
Fig. 6.17 compares the computed results with those from test WL7 with RD =
80%. In this test, wave spike occurred between 51465-51510s after commencement of
wave loading, but its peak load is not large enough to produce the plastic displacements.
This implies that the induced displacements are purely elastic. As can be seen, better
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agreement was found in the magnitude of the measured and calculated displacements.
6.6.5 Permanent displacement of caisson breakwater subjected to
continuous wave loading
Figs. 6.18 and 6.19 show the elastic and plastic displacements when the caisson is
subjected to a wave train comprising eight wave cycles. As Fig. 6.19 shows, plastic
displacements accumulate in a stepwise fashion with the passing of each large wave
peak. This is consistent with the observation in the storm waves of Shin-Nagasaki
(Sekiguchi et al., 1992) wherein caissons were tilted at various angles after the storm.
Current practice in caisson design often entails only a limit equilibrium check on the
possibility of overturning of the caisson (e.g. PHRI, 1991). The results above indicate
that the real picture is often not a clear case of overturning or no overturning, but rather
the cumulative tilt which the caisson will incur in an extreme storm condition. Thus, in
the design of caisson foundations, the cumulative tilt angle may need to be considered
through a proper dynamic analysis. It is found in Fig. 6.20 that the magnitude of elastic
displacements is negligible when compared with that of plastic ones. Usually there are
some hundreds of impacts during the whole storm. Hence, a single increment plastic
horizontal displacement, say of the order of centimetres, in a single wave cycles, may
accumulate to give a total displacement of several meters over a large number of cycle.
6.7 Case Study
In this section, the proposed analytical method is assessed by comparing its computed
results with the observations from a eld case (Sekiguchi, 1992). On August 1987, a
large typhoon hit the Southern part of Japan, causing almost complete failure of a 1090-
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m long caisson breakwater. Yamaguchi et al. (1989) estimated the wave conditions by
using two kinds of shallow water wave prediction models based on the radiative transfer
equation. The signicant wave height H1=3 is found to be 8.9 m and the wave period
T1=3 is 13.2 s. The cross-section of caisson breakwater through Stretch C is shown in
Fig. 2.8 (b). The caisson breakwater is seated on a rubble mound and the soft silty
sediments underneath the seabed were treated with the sand compaction method. Since
the caisson foundation is made up of composite ground, the accurate estimation of the
angle of friction is more difcult than the conditions in the centrifuge tests. Moreover,
very little information was available on the material making up the original silty sedi-
ments and the sand compaction ground. The estimated critical state angle of shearing
resistance '0, is given by BS8002:1994 as
'0 = 30 + A+B (6.74)
A = angularity of the particles,
B = grading of the sand/gravel.
For the base friction angle ±, BS8002:1994 suggests
a) ± = '0, for a rough base having a texture coarser than that of the median particle size
of the soil;
b) ± = 20±, for a smooth base with a texture ner than that of the median particle size
of the soil.
In view of this, a range of equivalent friction angles ranging from 30± to 36± has
been attempted. This range has been established to be a reasonable range for the angle
of friction of the composite ground. The corresponding range for the angle of friction
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at the caisson-soil interface ± is taken to be from 22± to 28±. The horizontal wave
force and uplift force acting on the caisson are determined from the Goda formulae and
the extended Goda formulae developed by Takahashi et al. (1994b). In this case, the
horizontal movement of caisson is not only caused by tilting, but also sliding which is
determined using Ling's analytical model (Ling et al, 1999).
The tilt angles of a total of 14 caissons at the Shin-Nagasaki Fishing Port are plotted
against the lateral displacements at the base in Fig. 6.21. There is a positive correlation
between the tilt and the lateral displacement, Sekiguchi (1992) considered it to be a
manifestation of cyclic plasticity of the rubble mound. According to Yamaguchi et al.
(1989), the storm lasted for about 1 hour, which means at most 300 wave cycles were
applied on the caisson, if the wave period is 13.2 s. However, the actual number of
wave cycles that have sufcient wave force to induce plastic displacement of caisson
breakwater is more difcult to ascertain. For this reason, the relationship between tilt
angle and lateral displacement may be a better way to compare the eld data with the
analytical result. Several combinations of ± and '0 were used to predict the caisson
displacement per cycle. Making use of the nal tilt and lateral displacements measured
in the eld, the rough number of wave cycles may be estimated. It is found in Fig.
6.21 that the combination of ± = 28± and '0 = 35± may lead to 95 wave cycles,
while ± = 26± and '0 = 30± lead to 30 wave cycles. Both combinations give a better
prediction of the gradient of tilt angle and lateral displacement. Since the critical state
angle of shearing resistance of rubble mound '0 is normally larger than 30±, the rst
combination is believed to reect the eld situation more accurately.
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6.8 Parametric Studies
Fig. 6.22 illustrates the parameters involved in assessing the cumulative tilt of cais-
son breakwater using the above method. The relevant input parameters for the design
approach are annotated in Fig. 6.23. The height of the rubble mound Hr is set as 8
m for all cases. For different caisson widths with the same water depth, the effective
pressure underneath the caisson base was assumed to be the same. The individual runs
are shown in Appendix B. There are nine independent factors which determine the tilt
angle for one wave cycle Ã:
Ã = f(T;Hw; d; B;H; Lc;W
0; °0w; '
0) (6.75)
In which T and Hw are the wave period and wave height, respectively; d is the water
depth; B, H , Lc and W 0 are the caisson width, height, length and effective weight,
respectively; and °0w and '
0 are effective unit weight of submerged soil and angle of
shearing resistance of rubble mound, respectively.
Based on dimensionless analysis, four sets of non-dimensional ¼ groups are ob-
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¼4 = ('
0)¡0:1 (6.79)





In which g is the gravity acceleration. If the original choice of variables contained all













6.8.1 Inuence of wave height and water depth in front of caisson
The range of parameters studied for the inuence of wave height Hw and water depth
d is summarized in Table 6.4 based on a xed value of wave period of 15s. Fig. 6.24
shows the effects of wave height, caisson width, angle of shearing resistance of rubble
mound and water depth (to rubble mound level) on the tilt angle increment per wave









It is evident from Fig. 6.24 that the tilt angle increment per wave cycle increases with
wave height as well as the water depth in front of caisson. This is not surprising since
increases in both the wave height and water depths have destabilizing effects on the
caisson. Moreover, there is a limiting wave height below which no permanent tilt is
incurred. Not surprisingly, this limiting wave height increases as the water depth de-
creases. Above the limit wave height, permanent tilt angle increases rapidly with wave
height. It should be noted that this relationship depends strongly on the weight of cais-
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son. The inuence of water depth d may be explained in terms of the increasing ratio
of effective caisson weight over inertia moment of mass with decreasing water depth.
The parametric study shows that over a range of angle of shear resistance of rubble
mound '0 between 30± to 38±, variations of '0 was found to have relatively insignicant
inuence on the permanent tilt angle increment compared to wave height Hw.
6.8.2 Inuence of wave period and water depth in front of caisson
Table 6.5 shows the range of parameters studied for the inuence of wave period T and
water depth d with a xed wave height of 10 m. Fig. 6.25 illustrates the interaction
among caisson width, angle of shearing resistance of rubble mound, water depth (to
rubble mound level) and the permanent tilt angle for one wave cycle. The X axis is








)0:4('0)¡0:1. As Fig. 6.25 shows,
the permanent tilt angle per wave cycle increases exponentially with X axis magnitude.
This is because the higher wave period with a xed wave height will lead to a longer
wave length and hence larger impulsive wave force and longer duration of loading.
There is a limiting wave period below which no permanent tilt is incurred. The change
of critical state angle of shearing resistance of rubble mound '0 is again found to have
relatively insignicant inuence on the tilt angle.
6.8.3 Summary for parametric studies
Combining Figs.6.24 and 6.25, the chart of tilt angle Ã for one wave shows a clear
exponential increase, as indicated in Fig. 6.26, in which a0 and a1 are constants. The
relationship can hence be expressed as follow:
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Moreover, there exists a lower bound Ã1 and a upper bound line Ã2 of the tilt angle as
follows:
Ã1 = 2:02801£ 10¡9e x0:13917 (6.83)












If the calculated Ã1 or Ã2 are less than zero, then the tilt angle is zero which means the
caisson is stable enough to be against overturning. If the calculated Ã1 or Ã2 are larger
than 1.57 which is equivalent to the tilt angle of 90±, it means that the caisson has been
already overturned. Thus Equations (6.83) and (6.84) can be used to estimate the range
of caisson tilt angle for given wave parameters.






























α  υ  
1 2 10 100 1000 
0.3 0.870143 0.870364 1.07368 1.998176 4.456933 
0.4 0.792452 0.783463 0.948638 1.744316 3.869817 
0.5 0.704402 0.687379 0.81565 1.480915 3.267257 
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,tot horm  
(kg) 
totθ  







1. Infilling stage 71.15 10×  - - 91.71 10×  - - 




Table 6.3 Calculated shear stress when S=4.7m and D=1.2m with ' 34φ = D  
 
 S=4.7m,   D=1.2m, ' 34φ = D  
x (rad) -0.2500 0.2052 0.6604 1.1156 1.5708 2.0260 2.4812 2.9364 3.3916 
η (rad) 1.8208 1.3656 0.9104 0.4552 0 -0.4552 -0.9104 -1.3656 -1.8208 
δ (rad) 0.2500 0.0224 -0.2052 -0.4328 -0.6604 -0.8880 -1.1156 -1.3432 -1.5708 
α (rad) 1.3200 1.4487 1.5801 1.7243 1.8938 2.1066 2.3846 2.7400 3.1402 
θ (rad) -0.7491 0.2110 0.7239 1.3229 1.9952 2.7241 3.5059 4.3427 5.2110 
'xσ  (kPa) 69.6196 69.9548 69.6964 70.2081 72.9980 79.8031 92.7500 113.6171 140.1758
'zσ (kPa) 48.2818 87.8181 125.5830 155.8554 174.6181 180.4110 174.3833 159.4931 140.3000
xzτ (kPa) 41.9258 44.1939 41.1125 33.4072 22.9606 12.4648 4.6858 0.9354 -0.0001 
lim ( )xτ (kPa) -11.7892 15.4921 50.8196 98.4293 140.7420 149.3063 118.6075 85.9635 94.5252




Table 6.4 Range of parameters for the influence of wave height and water depth  
 





water depth in front of 
caisson 
(m) 
critical state angle of 
friction of rubble mound 
'φ  
1 10 15 14 14 30 D  
2 12 15 18 18 34 D  





Table 6.5 Range of parameters for the influence of wave period and water depth  
 





water depth in front of 
caisson 
 (m) 
critical state angle of 
friction of rubble mound 
'φ  
1 10 13 14 14 30 D  
2 10 15 18 18 34 D  





























Fig. 6.1 Effect of breaking wave impact on structure response 




































              






















(b) Wave loading stage 



























































































































































































(b) Limiting shear stress limτ  










































































































































































Fig. 6.13 Comparisons of total movements of caisson breakwater subject to wave 


































































































































































Fig. 6.15 Horizontal movement versus tilt angle during time series of 15350-15380 



















































Fig. 6.16 Comparisons of measured and analytical total movements of caisson 

























Fig. 6.17 Comparisons of measured and analytical total movements of caisson 





































































































































































































































































































































































Fig. 6.21 Comparisons of analytical data with the field data of Typhoon case 8712 at 


















































































































Fig. 6.22 Problem definition in the rotational failure of caisson breakwater 
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Fig. 6.24 Tilt angle for one wave under different wave height with a fixed wave period 
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7.1 Summary of Findings
In the present study, the behaviour of caisson breakwater on sand has been studied by
both physical and analytical modeling approaches. Centrifuge model tests on caisson
breakwater subjected to regular, reversal or non-reversal wave loadings were conducted
to simulate caisson inlling and wave loading stages. Centrifuge test results on reversal
wave loading indicate signicant excess pore pressure build-up in the early stages of
the loading episode, which suggests that densication of sand bed may be a practical
way to reduce the caisson displacements. On the other hand, wave spikes may cause an
increase in stress on the caisson foundation, while generation of excess pore pressure
is minimal. The results reveal that even a dense sand bed can be adversely affected
by wave spikes of sufciently high magnitude. To back analyze the test data, analytical
models were developed to simulate the oscillatory and permanent caisson displacements
during wave spikes. The ndings arising from the present study are summarized below.
7.1.1 Tests on reversal and non-reversal wave loading
(1) Caisson responses due to non-reversal wave loading fall into two major cate-
gories. Regular non-reversal waves lead to a rapid stabilization of caisson move-
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ments: including settlement, rotation and horizontal displacement. Observed ex-
cess pore pressures in the sand bed are generally small and appear insignicant.
However, caisson responses are found to be sensitive to irregularities in wave
loading. In the present study, two types of irregularities which have a signicant
inuence on caisson movement were observed. The rst is a wave spike, which
has a peak load that is much higher than the rest of the wave cycles. The second
is a wave cycle which has a small amount of reversal loading in it. The effects
of these irregularities can be much more signicant than the effects of sand bed
relative density. As such, the inuence of sand bed relative density could not
be discerned without discounting the effects of these irregularities. Once the ef-
fects of the wave irregularities are discounted, the effects of sand bed relative
density become much more apparent as the caisson movements clearly reduce
with increasing sand RD. Thus it can be concluded that, under non-reversal wave
loading, the effects of wave prole are more signicant than those due to sand
relative density.
(2) Caisson responses due to reversal wave loading are very different from those
due to non-reversal loading. Very signicant excess pore pressures and caisson
movement were generated within the rst 100 or so wave cycles. The caisson
movements were much larger than those under non-reversal loading. Backward
tilting towards the wave load direction occurred in all the tests. The caisson set-
tlement induced by reversal loading could be attributed to the sand densication
mechanism. For loose sand beds, liquefaction was observed. This is not surpris-
ing if one considers reversal wave loading as an extreme case of a suction wave
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train being applied to the caisson. Since the recession of a wave from a caisson
may actually lead to reversal wave loading, this possibility cannot be discounted.
The ndings above indicate that, if excess pore pressure and liquefaction is a
concern, caisson tests should be conducted using reversal wave loading instead
of non-reversal loading.
(3) The sand RD is found to be the key factor that dominates the caisson movement
and pore pressure build-up during the reversal wave loading. The possibility of
liquefaction can be minimized by appropriately densifying the sand bed. How-
ever, the centrifuge test data show that even the dense sand bed is not immune
to large caisson tilt movements under large wave spikes. For this reason, the ac-
cumulation of caisson tilt under successive wave spikes should be considered in
design.
The overall scheme of progressive behaviour of caisson breakwater subjected to reversal
and non-reversal wave loading is summarized in Table 7.1.
7.1.2 Parametric studies on non-reversal wave loading
Further centrifuge model tests were conducted to investigate the performance of cais-
son breakwater subject to non-reversal wave loading with different caisson congu-
ration and boundary conditions. The ndings arising from the parametric studies are
summarized as follows:
(1) RD of sand bed
The caisson settlement was found to decrease with increase in sand RD during
inlling stage. However, during wave loading stage, the build-up of tilting, hori-
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zontal and vertical displacements of caisson breakwater do not appear to exhibit
a denite trend of behaviour in relation to sand RD. The inconsistent trend of
caisson movements induced by the irregular waves suggests that the wave load-
ing history has played a more dominant role in deciding the behavior of caisson
breakwater than the initial sand RD. Once the sudden increases caused by the
wave irregularities are ignored, a much more consistent trend is obtained as the
nal caisson movements decrease with increasing RD of sand bed.
(2) Caisson width
The results of tests on caisson width varying from 18m to 14m show that a min-
imum caisson width of 16m is required to achieve a stable caisson which is sub-
jected to non-reversal breaking wave loads.
(3) Caisson weight
The caisson with lighter inll weight is prone to rotation failure with a maximum
tilt angle of 0:26±. Relatively large residual pore pressures are found to develop
from the very beginning of wave loading and then dissipate to the hydrostatic
line.
(4) Presence of rock berm
The presence of rock sill underneath a caisson is found to greatly reduce the cais-
son tilt, horizontal and vertical displacements, despite the occurrence of dilation
of rock sill at the caisson base.
(5) Slamming on top slab
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Slamming on top slab of a caisson structure due to overtopping wave aggravates
the caisson tilt and vertical displacements. The increase in positive excess pore
pressures reduces the effective stress in the oil-saturated sand bed and this results
in a larger cyclic settlement of the caisson breakwater.
(6) Cyclic preloading
The benecial effect of cyclic preloading on a caisson can be taken into account
in design as the caisson displacements are greatly reduced during wave reloading.
7.1.3 Analytical study
A simplied dynamic analysis for caisson responses under wave spikes was proposed
based on the constraint optimization of assumed circular slip surfaces beneath the cais-
son base. The conclusions are drawn as follows.
(1) The oscillatory vertical displacement of caisson breakwater during inlling stage
increases linearly with time, which can be predicted well by the analytical model.
During wave loading stage, a reasonably good agreement was obtained between
the magnitude of computed and measured oscillatory caisson horizontal and tilt
displacements, although the phase angle may not be matched well.
(2) The plastic caisson displacements always initiate around the wave peak and last
for a very short duration. The magnitude of elastic displacements is negligible
when compared with that of plastic ones. It is found that in wave spike events,
exceedence of shear resistance is the mechanism causing the observed permanent
deformation. Cumulative effect of the small plastic displacements is considered
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as a stepwise failure, which may lead to the collapse of caisson breakwater after
a certain number of high impulsive loadings.
(3) There is some threshold values of Hw or T for which a rotational permanent
displacement is initiated. A clear tendency of the permanent tilt angle is found
to increase exponentially with the dimensionless parameterX (refer to Chapter 6
for full denition ofX). A design chart is developed to determine the caisson tilt
angle according to the in-situ wave conditions, caisson geometries and foreshore
properties.
7.2 Design Implications
The ndings of the present research have improved the understanding of stability and
failure mechanism of caisson breakwaters. The procedure is realistic and practical in
the sense that it takes into account the soil degradation due to repetitive loading, instan-
taneous and residual excess pore pressure effects.
Water pressures along the seaward slope of the rubble mound uctuate during each
wave cycle, whereas the water pressures at the harbor side remain nearly constant. The
corresponding uctuating pressure gradients cause a uctuation in the pore ow though
the rubble mound. However, the wave induced pore pressure is not simulated in the
centrifuge tests because the impulsive load is directly applied on the caisson due to
the space constraint in the experimental setup. The use of Goda formula has claried
the concept of uplift pressure on the caisson bottom, since the buoyancy of the upright
section in still water and its uplift pressure due to wave action are dened separately.
The distribution of the uplift pressure is assumed to be triangular shape based on earlier
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theoretical and laboratory studies, as indicated in Fig. 3.8. De Groot (1999) considered
that the non-stationary effects of the direct component may enlarge the uplift force with
up to 30% compared to the value found with stationary ow. In most cases, however,
the non-stationary effects yield a reduction of the uplift force.
During the non-reversal wave loading tests, an impulsive wave force of 10% of
caisson weight may produce an uplift force of 2.25% of caisson effective weight ac-
cording to the Goda formula when the designed wave height is 3 m and wave period
is 6 s. When taking the non-stationary effect into account, the uplift force can be as
high as 2.92%. On the other hand, the non-stationary effect may reduce the uplift force
in most cases, which means that uplift force varies from 0 to 2.92% of caisson weight
when considering the non-stationary effect. This may to some extent inuence the be-
havior of caisson breakwater. Nevertheless, the mechanism and trend described here
are still applicable.
As presented in the previous chapters, the failure of caisson subjected to rever-
sal wave loading may be induced by the progressive softening of soil bed. In natural
storms, there are no fundamental wave height and wave period, only the maximum ones
can be recorded after the storm. A similar effect may still be induced if the peak wave
causing the largest caisson movements can be captured. Simplistic equivalent linear
elastic models which do not incorporate any pore-pressure-induced softening are un-
likely to reproduce the caisson movements. Therefore, to fully exploit the performance
of caisson breakwater in analysis and design, more sophisticated models which take into
account progressive softening of soil bed induced by pore pressure build-up must be in-
corporated into the foundation model, as presented byMacDougal et al. (1986) and Tsai
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et al. (1990). The focus of the present study is the improvement of the understanding of
the physical process and failure mechanisms involved in the wave-structure-foundation
interaction. Further work is needed to develop suitable models for practical purposes.
7.3 Recommendations for Future Works
The main function of any breakwater is to prevent excessive wave attack in a certain
area. Assuming the structure itself survives, it is still possible that it fails to fulll its
function due to wave energy passing over the breakwater. Hence,improvements to the
present wave apparatus are recommended to produce real breaking wave loads by a
wave stroke. Hence, the wave induced uplift force, wave transmission over caisson,
wave overtopping discharge and wave reection can be incorporated into the physical
modeling. Moreover, the phenomenon of seaward scouring which is one of the most
important factors that leads to caisson failure can be reproduced and investigated in
centrifuge tests.
The largest impulsive wave loadings applied in the present study are merely 10% of
the caisson effective weight, which is signicantly lower than that experienced during
the storm. Moreover, in some circumstances, the wave period is very short and the
dynamic effect of the structure-foundation interaction can be substantial. Therefore,
the existing wave actuator system needs to be improved to provide better closed-loop
control. This can be achieved by using on-board hydraulic servo-control system. With
high ow rate supplied by the accumulators, the frequency response of servo-actuators
and amplitude of wave loadings can be greatly increased.
Under certain conditions, such as offshore platforms, it is useful to consider a cais-
son foundation directly on the sand bed, which constitutes the main design objective
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of the present study. However, composite breakwaters with rubble mound foundation
are often used for reecting and breaking the waves offshore. In the present centrifuge
tests, only one test with 4 m thick rubble mound is designed to investigate its effect on
caisson behavior, which may not be far enough. Although the high-mound composite
type is unstable, it may help to understand the wave-generated impulsive pressure and
scouring caused by breaking waves. In addition, the mechanism of stability of compos-
ite breakwaters with low-mound is more practical and useful for port engineers.
More centrifuge tests may be undertaken to investigate three-dimensional failure
mechanisms of caisson breakwaters. Three or more caissons may be parallel along the
width of container to simulate the plane strain condition and the middle ones can reect
the 3-D effect well, as presented by Poel and De Groot (1998).
Centrifuge tests may also be conducted to study the effects of static preloading on
caisson performance with different static preloading ratios. This can be realized by
inlling different amount of ZnCl2 solution into the caisson and then released to the
designed level. According to Ng (1998), the pore pressure generation characteristic is
found to be heavily dependant on the stress state of the soil just prior to loading.
The simple analytical analysis presented in Chapter 6 highlights its application in
simulating the oscillatory and permanent tilting displacement of caisson breakwater
with negligible residual pore pressure build-up in the subsoil. The model may be im-
proved to incorporate the progressive softening of soil bed with change of soil stiffness.
 
Table 7.1 Overall scheme of progressive behavior of caisson breakwater subjected to different pattern of wave loading 
 
Wave load patterns 
 
Caisson movements Pore pressure response Failure mechanisms 
Non-reversal wave loading tests 
 




z Caisson tilts landward. 
z Majority of caisson movements 
occur under unsteady wave. 
z Clockwise soil flow circulation 
was found underneath the caisson 
base during the wave loading 
stage. 
z Magnitude of caisson movements 
is negligible. 
 
z Positive residual pore pressures 
develop underneath the caisson 
base from the very beginning, 
even in the very dense sand. 
z The magnitude is negligible. 
 
z Rotation failure occurred  
in the dense sand with  
RD=72%. 
z Wave loading history is 
the key factor that influences  
caisson movements. 
Reversal wave loading tests 
 
a) Wave strength from 
 -2% to 4% 
b) Wave strength from 
 -7% to 10% 
c) Wave strength from 




z Caisson tilts seawards. 
z Two stages of caisson 
movements: settlement stage and 
stabilization stage. 
z Majority of caisson movements 
are caused by densification of 
sand bed. 
z Magnitude of caisson movements 
is relatively large. 
z Progressive softening becomes 
significant with positive pore 
pressure build-up in the first 
several wave cycles and then 
dissipated towards the hydrostatic 
line 
z The denser the sand bed, the 
faster the instantaneous pore 
pressure dissipates 
z Partial liquefaction occurs  
in the loose sand with  
RD=55% (wave strength from 
 -7% to 10%). 
z Sliding and rotation failures  
occur in sand bed with  
RD=51% (wave strength from  
-2% to 4%). 
z Backward sliding failure  
occurs in the very dense  
sand with RD=82% (wave  
strength from -10% to 10%). 
z RD of sand bed is the key  
factor that dominates the  
movement of caisson breakwater  
and pore pressure build-up. 
z The likelihood of failure is 
 greatly diminished with 
 increase in RD of sand bed. 
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The following equation is derived to calculate the amount of the sand bed of different 
relative density. Since every test the sand is prepared and pounded to the same 
prescribed thickness, when the relative density of the sand is known, so as the amount. 
 




* ρρ                                                               (A2.1) 
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dρ  is dry density of sand, wρ  is density of water, sG is specific gravity of sand, e  is 
sand void ratio, maxe  is the maximum void ratio of sand, mine  is the minimum void 
ratio of sand, g is the gravity acceleration, γ  is the unit weight of sand. The value of  
sG , maxe  and mine are summarized in Table 3.1. The amount of sand used for sand bed 










Table A.1 Amount of Sand According to Different RD 
Minimum Void Ratio, mine  0.836 
Maximum Void Ratio, maxe  1.07 
Sand Volume, V ( 3m ) 1.71* 210−  
Relative Density, 
RD (%) 
50 60 70 
Void ratio, 
e  
0.896 0.861 0.825 
Dry Density, 
dρ  (Kg/ 3m ) 
1.398* 310  1.424* 310  1.451* 310  
Sand Amount, 
m (Kg) 

























'φ  remark Caisson mass(kg) d (m) W' (kN)*10^3 P' (kPa) Pf (kN/m) Pu (kPa) S (m) D (m) Tau (kPa) Tilt angle (rad) 
1 10 15 18 26 34  13821183.7 18 70356 159.9 2123.2281 72.882844 3.7 1.5 366.46 0.0249 
2 12 15 18 26 34 'φ =34 13821183.7 18 70356 159.9 2672.3335 87.45941 3.5 1.4 363.47 0.8523 
3 14 15 18 26 34 B=18,d=18 13821183.7 18 70356 159.9 3258.861 102.036 3.3 1.3 360.41 3.14 
4 10 15 18 26 30  13821183.7 18 70356 159.9 2123.2281 72.882844 4.2 1.6 318.97 0.0396 
5 12 15 18 26 30 'φ =30 13821183.7 18 70356 159.9 2672.3335 87.45941 4 1.5 316.33 1.0272 
6 14 15 18 26 30  13821183.7 18 70356 159.9 3258.861 102.036 3.8 1.3 311.15 3.14 
7 10 15 18 26 38  13821183.7 18 70356 159.9 2123.2281 72.882844 3.2 1.5 421.17 0.0168 
8 12 15 18 26 38 'φ =38 13821183.7 18 70356 159.9 2672.3335 87.45941 3.1 1.3 414.72 0.7465 
9 14 15 18 26 38  13821183.7 18 70356 159.9 3258.861 102.036 2.9 1.2 411.29 3.14 
10 10 15 14 26 34 'φ =34 11039877.6 18 57564 159.9 2123.2281 72.882844 3.2 1.1 350.21 1.3354 
11 12 15 14 26 34 B=14,d=18 11039877.6 18 57564 159.9 2672.3335 87.45941 3 1 347.28 3.14 
12 14 15 14 26 34  11039877.6 18 57564 159.9 3258.861 102.036 2.8 0.9 344.2 3.14 
13 10 15 14 26 30  11039877.6 18 57564 159.9 2123.2281 72.882844 3.7 1.1 301.87 1.6503 
14 12 15 14 26 30 'φ =30 11039877.6 18 57564 159.9 2672.3335 87.45941 3.5 1 299.23 3.14 
15 14 15 14 26 30  11039877.6 18 57564 159.9 3258.861 102.036 3.3 0.9 296.47 3.14 
16 10 15 14 26 38  11039877.6 18 57564 159.9 2123.2281 72.882844 2.8 1 400.2 1.2366 
17 12 15 14 26 38 'φ =38 11039877.6 18 57564 159.9 2672.3335 87.45941 2.6 0.9 396.84 3.14 
18 14 15 14 26 38  11039877.6 18 57564 159.9 3258.861 102.036 2.5 0.8 393.27 3.14 
19 10 15 22 26 34 'φ =34 16602489.8 18 83148 159.9 2123.2281 72.882844 4.1 2.1 387.4 0 
20 12 15 22 26 34 B=22,d=18 16602489.8 18 83148 159.9 2672.3335 87.45941 3.9 1.9 381.71 0.0214 
21 14 15 22 26 34  16602489.8 18 83148 159.9 3258.861 102.036 3.7 1.7 375.83 0.3214 
22 10 15 22 26 30  16602489.8 18 83148 159.9 2123.2281 72.882844 4.7 2.2 337.82 0 
244
23 12 15 22 26 30 'φ =30 16602489.8 18 83148 159.9 2672.3335 87.45941 4.5 2 332.81 0.031664 
24 14 15 22 26 30  16602489.8 18 83148 159.9 3258.861 102.036 4.3 1.8 327.66 0.363298 
25 10 15 22 26 38  16602489.8 18 83148 159.9 2123.2281 72.882844 3.6 2 441.28 0 
26 12 15 22 26 38 'φ =38 16602489.8 18 83148 159.9 2672.3335 87.45941 3.5 1.8 434.94 0.015395 
27 14 15 22 26 38  16602489.8 18 83148 159.9 3258.861 102.036 3.3 1.6 428.34 0.339483 
28 10 15 18 22 34 'φ =34 13821183.7 14 84821 192.8 2059.446 78.48372 3.8 1.9 450.25 0 
29 12 15 18 22 34 B=18,d=14 13821183.7 14 84821 192.8 2723.6487 94.180469 3.6 1.7 445.1 0.04714 
30 14 15 18 22 34  13821183.7 14 84821 192.8 3465.413 109.8772 3.5 1.5 439.5 2.600829 
31 10 15 18 22 30  13821183.7 14 84821 192.8 2059.446 78.48372 4.5 2 380.3 0 
32 12 15 18 22 30 'φ =30 13821183.7 14 84821 192.8 2723.6487 94.180469 4.3 1.8 375.79 0.08 
33 14 15 18 22 30  13821183.7 14 84821 192.8 3465.413 109.8772 4.1 1.6 371.07 3.14 
34 10 15 18 22 38  13821183.7 14 84821 192.8 2059.446 78.48372 3.4 1.8 502.34 0 
35 12 15 18 22 38 'φ =38 13821183.7 14 84821 192.8 2723.6487 94.180469 3.3 1.6 496.28 0.033011 
36 14 15 18 22 38  13821183.7 14 84821 192.8 3465.413 109.8772 3.1 1.5 493.47 2.103455 
37 10 15 18 30 34 'φ =34 13821183.7 22 55891 127 2130.483 67.72848 3.3 1.2 305.12 0.51431 
38 12 15 18 30 34  13821183.7 22 55891 127 2614.1946 81.27417 3.1 1.1 301.47 2.269414 
39 14 15 18 30 34 B=18, d=22 13821183.7 22 55891 127 3118.6 94.81987 2.9 1 297.74 3.14 
40 10 15 18 30 30  13821183.7 22 55891 127 2130.483 67.72848 3.8 1.3 260.67 0.59576 
41 12 15 18 30 30 'φ =30 13821183.7 22 55891 127 2614.195 81.27417 3.6 1.2 257.66 2.444678 
42 14 15 18 30 30  13821183.7 22 55891 127 3118.6 94.81987 3.4 1 252.07 3.14 
43 10 15 18 30 38  13821183.7 22 55891 127 2130.483 67.72848 3 1.2 341.85 0.473809 
44 12 15 18 30 38  13821183.7 22 55891 127 2614.195 81.27417 2.8 1.1 338.1 2.058218 
45 14 15 18 30 38 'φ =38 13821183.7 22 55891 127 3118.6 94.81987 2.6 0.9 330.8 3.14 
46 10 15 14 22 34 B=14, d=14 11039877.6 14 68814 191.2 2059.446 78.48372 3.3 1.3 411.86 0.202527 
47 12 15 14 22 34 'φ =34 11039877.6 14 68814 191.2 2723.6487 94.180469 3.2 1.2 409.24 1.242234 
48 14 15 14 22 34  11039877.6 14 68814 191.2 3465.413 109.8772 3 1.1 406.69 3.14 
49 10 15 14 22 30  11039877.6 14 68814 191.2 2059.446 78.48372 4.5 2 380.3 0.092326 
50 12 15 14 22 30 'φ =30 11039877.6 14 68814 191.2 2723.6487 94.180469 4.3 1.8 375.79 3.14 
51 14 15 14 22 30  11039877.6 14 68814 191.2 3465.413 109.8772 4.1 1.6 371.07 3.14 
52 10 15 14 22 38  11039877.6 14 68814 191.2 2059.446 78.48372 3.4 1.8 502.34 0.050281 
245
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53 12 15 14 22 38 'φ =38 11039877.6 14 68814 191.2 2723.6487 94.180469 3.3 1.6 496.28 3.14 
54 14 15 14 22 38  11039877.6 14 68814 191.2 3465.413 109.8772 3.1 1.5 493.47 3.14 
55 10 15 14 30 34 'φ =34 11039877.6 22 46314 128.6 2130.483 67.72848 3 0.8 282.62 3.14 
56 12 15 14 30 34 B=14, d=22 11039877.6 22 46314 128.6 2614.1946 81.27417 2.8 0.8 282.06 3.14 
57 14 15 14 30 34  11039877.6 22 46314 128.6 3118.6 94.81987 2.6 0.7 278.49 3.14 
58 10 15 14 30 30 'φ =30 11039877.6 22 46314 128.6 2130.483 67.72848 3.4 0.9 246.82 3.14 
59 12 15 14 30 30  11039877.6 22 46314 128.6 2614.1946 81.27417 3.2 0.8 243.79 3.14 
60 14 15 14 30 30  11039877.6 22 46314 128.6 3118.6 94.81987 3 0.7 240.62 3.14 
61 10 15 14 30 38 'φ =38 11039877.6 22 46314 128.6 2130.483 67.72848 2.6 0.8 324.54 3.14 
62 12 15 14 30 38  11039877.6 22 46314 128.6 2614.1946 81.27417 2.4 0.7 320.6 3.14 
63 14 15 14 30 38  11039877.6 22 46314 128.6 3118.6 94.81987 2.3 0.6 316.67 3.14 
64 10 15 22 22 34 'φ =34 16602489.8 14 100827 193.9 2059.446 78.48372 4.4 2.5 460.24 0 
65 12 15 22 22 34 B=22, d=14 16602489.8 14 100827 193.9 2723.6487 94.180469 4.2 2.3 455.05 0 
66 14 15 22 22 34  16602489.8 14 100827 193.9 3465.413 109.8772 4 2.1 449.68 0.052573 
67 10 15 22 22 30  16602489.8 14 100827 193.9 2059.446 78.48372 5 2.7 402.16 0 
68 12 15 22 22 30 'φ =30 16602489.8 14 100827 193.9 2723.6487 94.180469 4.8 2.4 395.22 0 
69 14 15 22 22 30  16602489.8 14 100827 193.9 3465.413 109.8772 4.6 2.2 390.47 0.111444 
70 10 15 22 22 38  16602489.8 14 100827 193.9 2059.446 78.48372 3.9 2.4 525.89 0 
71 12 15 22 22 38 'φ =38 16602489.8 14 100827 193.9 2723.6487 94.180469 3.7 2.1 516.96 0 
72 14 15 22 22 38  16602489.8 14 100827 193.9 3465.413 109.8772 3.6 1.9 510.72 0.045448 
73 10 15 22 30 34 'φ =34 16602489.8 22 65469 125.9 2130.483 67.72848 3.7 1.7 313.2 0.0306 
74 12 15 22 30 34 B=22, d=22 16602489.8 22 65469 125.9 2614.1946 81.27417 3.5 1.5 307.06 0.697857 
75 14 15 22 30 34  16602489.8 22 65469 125.9 3118.6 94.81987 3.3 1.3 300.74 2.779939 
76 10 15 22 30 30 'φ =30 16602489.8 22 65469 125.9 2130.483 67.72848 4.2 1.8 276.38 0.053575 
77 12 15 22 30 30  16602489.8 22 65469 125.9 2614.1946 81.27417 4 1.6 271 0.84145 
78 14 15 22 30 30  16602489.8 22 65469 125.9 3118.6 94.81987 3.7 1.4 265.16 3.14 
79 10 15 22 30 38 'φ =38 16602489.8 22 65469 125.9 2130.483 67.72848 3.3 1.6 358.14 0.028089 
80 12 15 22 30 38  16602489.8 22 65469 125.9 2614.1946 81.27417 3.1 1.4 351.22 0.585175 
81 14 15 22 30 38  16602489.8 22 65469 125.9 3118.6 94.81987 2.9 1.3 347.41 2.449798 
 


































1 10 13 18 26 34  13821183.7 18 159.9 70356 1952.453 64.187778 13.07864 3.8 1.6 369.26 0.0023 
2 10 15 18 26 34 'φ =34 13821183.7 18 159.9 70356 2123.2281 72.88284 12.94875 3.7 1.5 366.46 0.0249 
3 10 17 18 26 34 B=18,d=18 13821183.7 18 159.9 70356 2257.519 79.72719 12.86101 3.6 1.5 366.36 0.1650 
4 10 13 18 26 30  13821183.7 18 159.9 70356 1952.453 64.187778 13.07864 4.3 1.7 321.42 0.0057 
5 10 15 18 26 30 'φ =30 13821183.7 18 159.9 70356 2123.2281 72.88284 12.94875 4.2 1.6 318.97 0.0396 
6 10 17 18 26 30  13821183.7 18 159.9 70356 2257.519 79.72719 12.86101 4.1 1.6 318.84 0.2890 
7 10 13 18 26 38  13821183.7 18 159.9 70356 1952.453 64.187778 13.07864 3.3 1.5 421.19 0.0009 
8 10 15 18 26 38 'φ =38 13821183.7 18 159.9 70356 2123.2281 72.88284 12.94875 3.2 1.5 421.17 0.0168 
9 10 17 18 26 38  13821183.7 18 159.9 70356 2257.519 79.72719 12.86101 3.2 1.4 417.99 0.1087 
10 10 13 14 26 34 'φ =34 11039877.6 18 159.9 57564 1952.4528 64.187778 13.07864 3.3 1.1 350.26 0.7595 
11 10 15 14 26 34 B=14,d=18 11039877.6 18 159.9 57564 2123.2281 72.882844 12.948749 3.2 1.1 350.21 1.3354 
12 10 17 14 26 34  11039877.6 18 159.9 57564 2257.519 79.72719 12.86101 3.1 1 347.32 3.14 
13 10 13 14 26 30  11039877.6 18 159.9 57564 1952.4528 64.187778 13.07864 3.8 1.1 301.98 1.0523 
14 10 15 14 26 30 'φ =30 11039877.6 18 159.9 57564 2123.2281 72.882844 12.948749 3.7 1.1 301.87 1.6503 
15 10 17 14 26 30  11039877.6 18 159.9 57564 2257.519 79.72719 12.86101 3.6 1.1 301.77 3.14 
16 10 13 14 26 38  11039877.6 18 159.9 57564 1952.4528 64.187778 13.07864 2.9 1 400.2 0.5675 
17 10 15 14 26 38 'φ =38 11039877.6 18 159.9 57564 2123.2281 72.882844 12.948749 2.8 1 400.2 1.2366 
18 10 17 14 26 38  11039877.6 18 159.9 57564 2257.519 79.72719 12.86101 2.7 1 400.24 3.14 
19 10 13 22 26 34 'φ =34 16602489.8 18 159.9 83148 1952.4528 64.187778 13.07864 4.3 2.1 387.62 0 
20 10 15 22 26 34 B=22,d=18 16602489.8 18 159.9 83148 2123.2281 72.882844 12.948749 4.1 2.1 387.4 0 
21 10 17 22 26 34  16602489.8 18 159.9 83148 2257.519 79.72719 12.86101 4 2 384.57 0 
22 10 13 22 26 30  16602489.8 18 159.9 83148 1952.4528 64.187778 13.07864 4.8 2.2 337.97 0 
23 10 15 22 26 30 'φ =30 16602489.8 18 159.9 83148 2123.2281 72.882844 12.948749 4.7 2.2 337.82 0 
24 10 17 22 26 30  16602489.8 18 159.9 83148 2257.519 79.72719 12.86101 4.6 2.1 335.33 0 
25 10 13 22 26 38  16602489.8 18 159.9 83148 1952.4528 64.187778 13.07864 3.8 2 441.38 0 
247
26 10 15 22 26 38 'φ =38 16602489.8 18 159.9 83148 2123.2281 72.882844 12.948749 3.6 2 441.28 0 
27 10 17 22 26 38  16602489.8 18 159.9 83148 2257.519 79.72719 12.86101 3.6 1.9 438.15 0 
28 10 13 18 22 34 'φ =34 13821183.7 14 192.8 84820.8 1940.653 70.52432 11.51304 3.9 1.9 450.05 0 
29 10 15 18 22 34 B=18,d=14 13821183.7 14 192.8 84820.8 2059.446 78.48372 11.42487 3.8 1.9 450.25 0 
30 10 17 18 22 34  13821183.7 14 192.8 84820.8 2163.309 84.53352 11.36575 3.7 1.9 450.49 0 
31 10 13 18 22 30  13821183.7 14 192.8 84820.8 1940.653 70.52432 11.51304 4.6 2.1 382.49 0 
32 10 15 18 22 30 'φ =30 13821183.7 14 192.8 84820.8 2059.446 78.48372 11.42487 4.5 2 380.3 0 
33 10 17 18 22 30  13821183.7 14 192.8 84820.8 2163.309 84.53352 11.36575 4.4 2 380.39 0 
34 10 13 18 22 38  13821183.7 14 192.8 84820.8 1940.653 70.52432 11.51304 3.5 1.8 502.1 0 
35 10 15 18 22 38 'φ =38 13821183.7 14 192.8 84820.8 2059.446 78.48372 11.42487 3.4 1.8 502.34 0 
36 10 17 18 22 38  13821183.7 14 192.8 84820.8 2163.309 84.53352 11.36575 3.3 1.8 502.63 0 
37 10 13 14 22 34 B=14, d=14 11039877.6 14 191.2 68814.4 1940.653 70.52432 11.51304 3.4 1.4 414.37 0.017254 
38 10 15 14 22 34 'φ =34 11039877.6 14 191.2 68814.4 2059.446 78.48372 11.42487 3.4 1.3 411.66 0.092326 
39 10 17 14 22 34  11039877.6 14 191.2 68814.4 2163.309 84.53352 11.36575 3.3 1.3 411.86 0.757342 
40 10 13 14 22 30  11039877.6 14 191.2 68814.4 1940.653 70.52432 11.51304 3.9 1.4 360.23 0.033597 
41 10 15 14 22 30 'φ =30 11039877.6 14 191.2 68814.4 2059.446 78.48372 11.42487 3.8 1.4 360.37 0.202527 
42 10 17 14 22 30  11039877.6 14 191.2 68814.4 2163.309 84.53352 11.36575 3.8 1.4 360.37 1.93923 
43 10 13 14 22 38  11039877.6 14 191.2 68814.4 1940.653 70.52432 11.51304 3 1.3 480.82 0.007901 
44 10 15 14 22 38 'φ =38 11039877.6 14 191.2 68814.4 2059.446 78.48372 11.42487 2.9 1.3 481.18 0.050281 
45 10 17 14 22 38  11039877.6 14 191.2 68814.4 2163.309 84.53352 11.36575 2.8 1.2 478.28 0.314502 
46 10 13 22 22 34 'φ =34 16602489.8 14 193.9 100827 1940.6533 70.52432 11.51304 4.5 2.6 462.78 0 
47 10 15 22 22 34 B=22, d=14 16602489.8 14 193.9 100827 2059.446 78.48372 11.42487 4.4 2.5 460.24 0 
48 10 17 22 22 34  16602489.8 14 193.9 100827 2163.309 84.53352 11.36575 4.3 2.5 460.38 0 
49 10 13 22 22 30  16602489.8 14 193.9 100827 1940.653 70.52432 11.51304 5.2 2.7 402.03 0 
50 10 15 22 22 30 'φ =30 16602489.8 14 193.9 100827 2059.446 78.48372 11.42487 5 2.7 402.16 0 
51 10 17 22 22 30  16602489.8 14 193.9 100827 2163.309 84.53352 11.36575 5 2.6 399.83 0 
52 10 13 22 22 38  16602489.8 14 193.9 100827 1940.653 70.52432 11.51304 4 2.4 525.69 0 
53 10 15 22 22 38 'φ =38 16602489.8 14 193.9 100827 2059.446 78.48372 11.42487 3.9 2.4 525.89 0 
54 10 17 22 22 38  16602489.8 14 193.9 100827 2163.309 84.53352 11.36575 3.8 2.3 523.02 0 
55 10 13 18 30 34 'φ =34 13821183.7 22 127 55891.2 1933.0861 58.50766 14.14302 3.4 1.3 308.34 0.199699 
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56 10 15 18 30 34  13821183.7 22 127 55891.2 2130.483 67.72848 13.97188 3.3 1.2 305.12 0.51431 
57 10 17 18 30 34 B=18, d=22 13821183.7 22 127 55891.2 2294.849 75.38909 13.85358 3.2 1.2 304.77 3.14 
58 10 13 18 30 30  13821183.7 22 127 55891.2 1933.0861 58.50766 14.14302 4 1.4 263.61 0.261843 
59 10 15 18 30 30 'φ =30 13821183.7 22 127 55891.2 2130.483 67.72848 13.97188 3.8 1.3 260.67 0.59576 
60 10 17 18 30 30  13821183.7 22 127 55891.2 2294.849 75.38909 13.85358 3.7 1.2 257.97 3.14 
61 10 13 18 30 38  13821183.7 22 127 55891.2 1933.0861 58.50766 14.14302 3.1 1.2 342.13 0.043025 
62 10 15 18 30 38  13821183.7 22 127 55891.2 2130.483 67.72848 13.97188 3 1.2 341.85 0.473809 
63 10 17 18 30 38 'φ =38 13821183.7 22 127 55891.2 2294.849 75.38909 13.85358 2.9 1.1 338.36 2.958016 
64 10 13 14 30 34 'φ =34 11039877.6 22 128.6 46313.6 1933.0861 58.50766 14.14302 3.1 0.9 285.74 3.14 
65 10 15 14 30 34 B=14, d=22 11039877.6 22 128.6 46313.6 2130.483 67.72848 13.97188 3 0.8 282.62 3.14 
66 10 17 14 30 34  11039877.6 22 128.6 46313.6 2294.849 75.38909 13.85358 2.9 0.8 282.33 3.14 
67 10 13 14 30 30 'φ =30 11039877.6 22 128.6 46313.6 1933.0861 58.50766 14.14302 3.5 0.9 247.12 3.14 
68 10 15 14 30 30  11039877.6 22 128.6 46313.6 2130.483 67.72848 13.97188 3.4 0.9 246.82 3.14 
69 10 17 14 30 30  11039877.6 22 128.6 46313.6 2294.849 75.38909 13.85358 3.3 0.8 244.09 3.14 
70 10 13 14 30 38 'φ =38 11039877.6 22 128.6 46313.6 1933.0861 58.50766 14.14302 2.7 0.9 328.09 2.811867 
71 10 15 14 30 38  11039877.6 22 128.6 46313.6 2130.483 67.72848 13.97188 2.6 0.8 324.54 3.14 
72 10 17 14 30 38  11039877.6 22 128.6 46313.6 2294.849 75.38909 13.85358 2.5 0.8 324.32 3.14 
73 10 13 22 30 34 'φ =34 16602489.8 22 125.9 65468.8 1933.0861 58.50766 14.14302 3.9 1.7 313.8 0.003085 
74 10 15 22 30 34 B=22, d=22 16602489.8 22 125.9 65468.8 2130.483 67.72848 13.97188 3.7 1.7 313.2 0.0306 
75 10 17 22 30 34  16602489.8 22 125.9 65468.8 2294.849 75.38909 13.85358 3.6 1.6 310.15 0.209185 
76 10 13 22 30 30 'φ =30 16602489.8 22 125.9 65468.8 1933.0861 58.50766 14.14302 4.4 1.8 276.98 0.004586 
77 10 15 22 30 30  16602489.8 22 125.9 65468.8 2130.483 67.72848 13.97188 4.2 1.8 276.38 0.053575 
78 10 17 22 30 30  16602489.8 22 125.9 65468.8 2294.849 75.38909 13.85358 4.1 1.7 273.7 0.266322 
79 10 13 22 30 38 'φ =38 16602489.8 22 125.9 65468.8 1933.0861 58.50766 14.14302 3.4 1.7 361.52 0.001788 
80 10 15 22 30 38  16602489.8 22 125.9 65468.8 2130.483 67.72848 13.97188 3.3 1.6 358.14 0.028089 
81 10 17 22 30 38  16602489.8 22 125.9 65468.8 2294.849 75.38909 13.85358 3.2 1.5 354.71 0.171215 
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